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THE STRESS-STRAIN CURVES QF SOILS

SYNOPSIS

The steady state of deformation is defined as the state in which
a specimen deforms continucusly and monctonically without change in shear
stress, effective norxmal stress, velume, or velocity of deformation. Using
the steady state as a unifying concept, idealized shapes of stress-strain
curves for drained and constant-volume tests are given for bulky-grained
and platey-grained soils {Figs. 5,7,15,16). . Typical test results are
presented in detail.

To illustrate their practical utility, the generalizations made
about stress-strain curﬁes are used to evaluate the relative accuracy of
typical laboratory tests (Tables 1 and 2), to aid in selecting shear strength
for stability analysis (Tables 3 and 4), to understand the relationships
between stress—-strain curves of sands and clays, and to understand where
ligquefaction and residual strength fit into the general view of the stress-
strain characteristics of soils.

The major factors affecting the shapes of stress-strain curves and
the shear strength of scils are: {a) the soil, represented chiefly by its
mineralogy and grain shape, (b). the initial structure of the specimen, (¢)
the initial state (void ratio, effective normal stress, and shear stress),

“and (d) the method of loading. The effects of each of these major factors

on the stress=strain curves are discussed qualitatively.
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1. INTRODUCTION

The main purpose of this moncgraph is to provide a systematic
qualitative understanding of the shapes of stress-strain curves obtained in
triaxial compression, direct shear, direct simple shear and rotation shear
tests on fully saturated, uncemented soils. A secondary purpose is to pra—
vide insight into the use qf this information in geotechnical engineering.

Problems involving the application of stresses to soils may be
divided into those in which (a) deformations of the foundation soil {or xock)
control design and (b) failure of foundation soil controls design. Those
in which failure contrcls are a special case: i.e., the end point of the
class of problems in which deformation controls. Faillure problems themselves
may be subdivided into shear failures and tension failures, but only shear
failures are considered herein. This classification is merely a somewhat
more general way of referring to the traditional "settlement" and "bearing
capacity" problems of goil mechanics.

The distinction between deformation-controlled and failure-contreolled
problems may be understood by considering a building on a soil foundation.

If the building is rigid or wvery flexible then the deformations of the foun-
dation soil donot affect the competence of the building;and it is only neces-
sary to assure that the foundation soil is safe against failure. Yet, if the
building has intermediate flexibility, such that it fails when the deformations

of the foundation scil are small (relative to those that are developed when
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the foundation soil fails), or if the deformations of the building must be
limited for some other reason, then the foundation soil must not deform
excessively. In short, if the building fails first, excessive deformations

~of the foundation soils must be prevented; if the foundation soil fails
first, failure of the foundation socil must be prevented.

For problems in which deformations of a mass of soils must be com-
lputed, it is well accepted that the computations can be made properly only
if the shapes of the stress-strain curves involved are taken into account.
But it is less widely appreciated that the shapes of the stress-strain
curves must also be known in connection with most failure problems.

For failure problems the precise éhape of the stress-strain curve
need not be known if the shear stress reaches a maximum and then remains
constant even at very large strains. In such a case, the fact that the
shear stress varies along a given failure surface in-situ has no practical
consequence, because when the strains are sufficient the maximum shear stress
will be developed simultaneously along the entire failﬁre surface (assuming
that the test used to measure shear strength is a proper model of in-situ
conditioﬁs). Thus, one would be safe in using the shear strength for
computing the factor of safety.

The methods of stability analysis presented in the literature to date
include, oftenlonly implicitly, the aséumption that the stress-strain curve
of all soils involved reach a maximum shear stress which then remains con-
stant with furthér strain. However, the stress-strain curves of soils show a
peak under most condithmﬁ although conventicnal tests are usually not carried
to sufficient strain to display the drop in ;hear stress after the maximum

is reached. If the stress—strain curve of the soil along a failure surface
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does msk contain a peak, it is practically never possible to develop the

peak shear stress simultaneously along the entire failure surface. The
average shear stress mobilized along the failure surface at failure will

be smaller than the peak shear stress. The difference between the peak

shear stress and the average mobilized shear stress is due to "progressive"
failure (Watson, 1940, P.150; Tayldr, 1948, P. 348; Casagrande, 1950, P. 237).
It is caused by the non—uniforﬁ stresses and strains that develop in the
failure mass, and it occurs both in the field and in the laboratory.

The occurrence of progressive failure.makes it necessary to analyze
the distribution of strains within a mass of'soil in order to estimate the
average shear stresé that can be mobilized simultaneocusly along a failure

. surface at failure. Alternatively, one can perform model tests to gain
inéight into the proportion of the maximum shear stress then can be simul-
taneouély mobilized (Rowe,1962). But the first step that is necessary to
estimate the magnitude of the effect of progressive failure in any given
case is to determine correctly the shape of the entire stress-strain curve.
Only then is it possible to establish whether a given problem is controlied
by deformation or by shear failure, and, if it is a failure problem, to make
a proper estimate of average'shear stress than can be mobilized along a given
failure surface.

Progressive failure is but one of many examples that could be used to
show why it is important to understand the shape of the entire stress-strain

curve of a soil. This monbgraph is intended as an aid to such understanding.



2. DEFINITIONS

Definitions are glven below for the terms: (1) soil, (2) soil
structure, (3} steady state of deformation, (4) contractive and dilative
béhavior, and (5) method of loading. The purpose of these definitions is
to facilitate discussion in subsequent chapters of the major variables
that affect fhe shapes of stress-sgstrain curves of soils. The definitions
have been prepared with this purpose in mind and, as a result, they differ

in some respects from previously published definitions.

2.1 Soil

A soil is a mass of djécrete particles that are the products of
decomposition and disintegration of rocks-and organic matter by natural pro-
cesses. A soil is assumed to be completely described by: (1) the composition
of its solids, (2) the composition of the liquids, gases, and sometimes solids
{including dissolved and suspended materials) in its pores, and (3) the
distributions of size, shape, and angularity of its grains. Thus the term
"soil" refers to the basic soil material and not in any way to the arrange-
ment of the grains relative to each other.

It should not be inferred that it is possible at present to measure
quantitatively each of the above-mentioned items, with the exception, in some
cases, of the grain size distribution. But i£ is important to note that if

any one of these items is changed, the soil itself and, hence, its properties

are also changed.



Although in this paper the principal interest is in soils, the con-
cepts subsequently presented can very likely be applied to any particulate
mass, regardless of composition. The numerical values associated with
various stress-strain characteristics change with composition, but the
basic pattern of stress-strain characteristics of all particulate materials

are likely to be the same.

2.2 Soll Structure

The term "soil structure" i1s used herein to refer to the arrangement
of individual grains and groups of grains relative to each other and to the
forces that bind these grains and groups of grains into a unit.

To describe the structure of a soil completely, one must cbserve
it at every scale that is pertinent to the engineering application étﬁgand,
starting with the scale of individual grains, and moving up to the scale of
the entire mass of soil that is involved. On the scale of individual grains
one is concerned with the orientation of the grains (Lambe, 1953, P. 38)
and with the number of contacts per grain and the magnitudes of forces between
grains (Marsal, 1967, P. 40, 46). On a larger scale one might observe
layvering or stratification, slickensides, joints, and root holes. On a still
larger scale one might find ocld major.failure surfaces, holes made by animals,
joints and slickensides of very large extent, and hard or soft inclusions of
any size and shape. It is not unusual for the large-scale structural patterns
to have a far greater influence on the engineering properties of a soil in-situ

than does the structure at the scale of indiwvidual grains.



The forces between grains or groups can be divided into two types:
(1) those that impart strength to the soil oﬁly when the effective stress
is greater'than zexo, and (2) those that impart strxength to the scil when
the effective stress is zero. If the latter forces exist, the soil will
exhibit strength when the effective stress is zero. In this monograph the
latter forces are referred to as "cementation bonds". Egpemented soils

are the main subject of this monograph.

2.3 State of a Soil

The state of a soil is defined by the void ratio and the effective
stresses on a specimen at any given moment. For the purposes of this
monograph, the state of a specimen will be monitored by the void ratio, e,

and the effective minor principal stress?, 0., at any stage during a test.

3
A plot of these two variables vields the state diagram, Fig. 1. These
coordinates are the same as those used for plotting compression curves from
triaxial consolidation tests. They are also used to advantage for following

the results of shear tests in which changes in the principal stress ratio,

as well as void ratio, occur during shear.**

* FPor tests in which the effective minor principal stress is not
known, an appropriate known effective stress will be used. For
girect shear tests, the effective stress on the horizontal plane,
Uh, is convenient.

*% The changes that occur during shear are better represented in a
plot of void ratio versus average principal effective stress, as
suggested by Roscoe, Schofield and Wroth (1958 P. 27). However,
for many types of tests the three principal stresses are not
known. Therefore, it is expedient to compare series of tests of
the same type by plotting the void ratioc versus one.of the known
effective normal stresses.



The potential range of changes in void ratio can be visualized with
the aid of the sketch at the left in Fig. 1. By viewing void ratio changes
with reference to certain void ratio benchmarks, such as e = o, e = e
e=e . v OF the void ratios corresponding to the liquid and plastic limits,
one is able to judge whether the results of a given shear test are reasonable
or not.

The temperature of the specimen should be included to define its

state more completely, but this variable is not considered herein.

2.4 Contractive and Dilative Behavior of Specimens

A specimen is said to be contractive if it tends to decrease in
volume when the shear stress is increased during a given test, and dilative
if it tends to increase in volume when the shear stress is incréased (Casa-
grande and Poulos, 1964, P, 3).

These terms refer to volume changes that occur due to shear stresses,
not to those caused by isotropic changes in effective normal stresses. An
isotropic increase in effective normal stress always causes compression and
a decrease causes eﬁpansion. Such is not the case for shear stresses.

The term "contractive" is applied to a specimen whether or not it
actually contracts during a test, and the same applies to the term "dilative."
For example, if contraction is prevented, the specimen is nevertheless re-
ferred to as contractive. But to prevent contraction; the isotropic effective
normal stress must be reduced sufficiently to counterbalance the tendency for
volume decrease that is caused by the shear stress. Thus, if the specimen
were fully saturated and volume decrease were prgvented by maintaining constant
water content, the pore pressure would increase sufficiently to cause the re-

quired decrease in isotropic effective stress.



The degree to which a specimen is contractive or dilatiwve is
dependent on the soil, its structure, its initial state, and the method of

loading (Section 2.6).

2.5 The Steady State of Deformation

>

The "steady state of deformation™ is that state in which a particulate
material of any composition or particle shape deforms continuously under a
constant state of effective stfess at constant velocity and at constant void
ratio. This constant wvoild ratio is the "steady state” void ratio.¥*

Therefore, one can measure the steady state void ratio only during
deformation, since the soil mass will assume a different veoid ratio when
deformation stops, even in clays. If the velocity of deformation is changed,
the steady state void ratio is also changed. If one prepares a specimen.of
soil at the steady state void ratio, that specimen does not reach the steady
state until it has been sheared to very large deformations. The "structure"
of the specimen£ in the steady state is created by the applied shear stresses

and is very different from its structure as initially prepared.

* The term "steady state void ratio” is synonymous with the term
Yeritical void ratio,” which was introduced by Casagrande (1936,P. 18)
for the case of sands. The term "steady state" is used for two reasons:
(1) It conveys correctly (by analogy to steady: state flow of liguids)
the concept of flow that the author has in mind. (2) The term "critical
state," which, historically, may be applied to the steady state, has
been applied by subsequent authors to a completely different condition
of soils (Roscoe, Schofield and Wroth, 1958, P. 28; Schofield and
Wroth, 1968, P. 19; Schofield, 1970).
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Tests on sands {(Watson, 1938, Plates BII - 8 and 9) and on steel
balls (Roscoe, Schofield, and Wroth, 1958, Fig. 37) have shown that thé
steady state void ratio decreases with increasing effective stress* as
shown schematically in Fig. 1. Although this relationship has not been
adeguately demonstrated for clays, by analogy the author assumes that a
similar relationship will hold.

The principal characteristic that makes the steady state concept so
useful is that a soil;:will tend to the steady state when sheared to suffi-
ciently large strains. Thus, one can expect that specimens prepared at
states lying above the steady state line in Fig. 1 will change volume or
effective stress during shear such that the state point will move towards
the steady state line. These specimens -will be contractive. Specimens
prepared at states below the steady state line will experience changes that
ultimately move the state point towards the same steady state line, i.e.,
these specimens will be dilative at some staQe during a test. The extent

to which this behavior applies to real soilgs is discussed in subsequent

chapters. Tt will be seen that although the steady state line provides an

* Watson measured the wvoid ratio at which the specimen would show no
net change in volume at peak deviator stress in .consolidated-
drained triaxial compressions tests., This void ratio was defined
by Casagrande {1938, P. BITI-8) as the "lower critical void ratio."
Casagrande introduced this definition merely for convenience because
he recognized the difficulty of measuring the veoid ratio in the steady
state of deformation, which he referred to:.as the critical void ratio.
Watson showed that the lower critical void ratio decreased with in-
creasing confining pressure. From Watson's data Casagrande (1938,
P. BII-7, 9) estimated that the critical wvoid ratic varied in the same
way but was higher than the lower critical void ratio- by about 0.06
for one fine, uniform silty sand (Franklin Falls sand).
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important reference in the state diagram, the path by which a soil may
move towards the steady state may be rather complicated.

For soils composed primarily of bulky grains, the physical mechanism
of steady state deformation is viewed by the author as a continuously
changing arrangement of the particles throughoﬁt the deforming mass, accom-
panied by local increases and decreases in void ratio and effective stresses,
such that a sufficiently large mass of the material displays no change in
the average (or macroscopic) vold ratio and effective stresses.

Given a material with bulky grains, there may be little tendency for
the development of. a preferred orientation of grains in response to the
applied shear stresses.* However, materials composed only of platey or
elongate grains (e.g., mica, kaolinite, attapulgite and hallovsite) ultimately
reéch a condition in which the grains are orientated parallel with each other
in the direction of movement (see Skempton, 1964). In this case, a single or
a small number of shiny shear surfaces develop.** At this stage of the shearing

process, and at no other stage, such platey-grained soils are able to deform

* If the steady state wvoid ratio is a function of particle size, then

a material composed of bulky particles with a range of sizes probably
would develop a preferred distribution of its grains of various sizes
when the steady state is reached. The major movements may then occur
between particles in a given size range only, while the balance of
the particles move much smaller distances relative to their neighbors.
Obviously the steady state void ratio would then be a function of the
grain size distribution as well as the size of the particles.

*k Whether shiny surfaces would develop in scils with elongate (needle-
shaped) grains, such as halloysite and attapulgite, has not yet been
established.
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continuously at constant velocity, void ratio and effective stress. Therefore,
this state is, according to the definition given herein, the steady state.of
deformation. Clearly the zone in which the steady state develops in platey-
grained soils i8& very thin, and it becomes almost impossible to measure the
steady state void ratio. This feature does not diminish the usefulness of
the concept, since its use as a working hypothesis for clays.as well as sands
permits one to view the stress-strain curves of all types of séil in one
organized framework.

In real soils the platey particles are never absolutely flat, and the
platey or elongate particles are practically always mixed with bulky particles,
Therefore, the zone in which a steady state develops in real soils contains a
number of particle thicknesses. For example, Fig. 2 contains two scanning
electron microphotographs that were taken by viewing normal to the surface of
a natural slickenside in Bearpaw Shale which was exposed when a drying crack
formed during preparation of the specimen for the microscope (LaGatta, 1971).
The photograph at the lower magnification shows that large-scale layering exists.
At the higher magnification, layering at the scale of the individual particles
in this soil can be seen. Approximately six layers, less than one;micféﬁiéﬁéftw'
vertically, are apparent. If appropriate measurements were made, the void ratio
of this zone of the gpecimen could be determined.

The greater the percentage of bulky particles, the greater will be the
volume of soil that reaches the steady state and the less shiny will be the
resulting planes of shear. But even small percentages of platey particles may
congregate in one zone and cause the steady state strength and void ratio to be
contrelled by these particles rather than by the entire grain-size distribution

of the material;
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When a soil is sheared, the contact stresses, if sufficiently
great, cause grain breakage. Thus the soil} itself changes during deformation;
&n such cases, the stéady state cannot be defined unless the deformations
are continued until grain breakage ceases. But in that case, the steady

state reachedvappiies.to the hewusoilgcnof to the original soil.

2.6 Method of Loading

The method of loading is the manner in which a specimen is brought
to failure. To define the method of loading, one must knew the shear and
total normal stresses or the deformations on each boundary of a homogene-
ously stressed specimen at every stage of a test, and one must describe
the degree to which the void ratio is allowed to change. For example, the
method of loading is defined for a conventional unconfined compression test
by stating that the total minor and intermediate principal stresses are
maintained at zero while the total major prinéipal stress is increased from
zero, ‘without allowing change in water content of the specimen at any time.
As a condition of this test, ‘the top and bottom of the cylindrical specimen,
which are major principal planes, are forced to remain plane by the\end caps.
The friction between the specimen and these end caps causes stress non-uni-
formities in the specimen. Therefore, the method of loading for this test

is not truly known unless these boundary friction forces are known.*

* Often the effects of the boundary friction are ignored, for wvariocus
reasons, but lubrication (Rowe, 1962, P. 507) minimizes the effects.
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The changes in effective normal stress and shear stress that are
caused by any given method of loading areconveniently followed by plotting
them on a Mohr diagram in the form of a stress path, Fig. 37 (Lambe, 1964,
P. 45). The stress path shows how the leocation of the top point of the
Mohr circle {in terms of effecti?e stress) changes during the test.*

The state path and the stress path in combination (Figs. 1 and 3)
provide a record of the changes in void ratio, effective normal stress
and shear stress that result from the method of loading used for any test.

The stress-strain characteristics of soils are strongly dependent
upon the method of loading. Therefore, it is essential in laboratory
testing that the stress-strain curves be determined for a method of loading
that models, as closely as possibkle, the method of loéding that will be

applied in-situ.#**

* " The stress path for the plane inclined 45O to the principal planes is
used herein because its coordinates are easily computed. The stress
paths of the effective principal stresses are superior from the theo-
retical viewpoint, but all three are not usually known. When some of
the stresses are not known, such as in a direct shear test, the stress
path is plotted for that plane on which the shear and effective normal

stresses are known.

*k Alternatively, one must be able to use the results from one method
of loading for predicting results for ancther method of lcading.

Stress-strain theories are currently being developed with this object

in mind (e.g. Schofield and Wroth, 1968). But verification of the

utility of such theories remains dependent upon large-scale field tests

or on model tests (e.g. Avgherinos and Schofield, 1969).
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3. QUALITATIVE DISCUSSION OF FACTORS CONTROLLING

SHAPE OF STRESS-STRAIN CURVES

The major factors* that control the shape of stress-strain curves
of soils are:

{a) Soil type (particularly mineralogy and grain shape)

(b) Initial structure

(¢) Initial state

(d) Method 6f loading
Each part of a stress-strain curve is affected to a different degree by each
of these factors. The author's opinions about these effects are described in
Fig. 4, which shows a stress-strain curve with sufficiently general shape
for this purpose. |

The initial portion {(the early part of Zone A, Fiq.4‘) of the stres-
strain curve is affected by all four of the above factors. For example, one
can expect that:

(1) As one passes through the range of soils with hard, bulkly

grains to soils wi£h soft, platey grains, the stiffness, i.e.,

the slope dT/de should decrease.

* Secondary factors, which are important in certain cases, include:
{1) rate of loading, (2) temperature of specimen:, . (3) absolute pressure
in pore fluid, and (4) magnitude and freguency of stress cycles, if
any. These items are not discussed in this monograph.
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{2) As the void ratio increases and the effective stress
decreases, i.e., as the initial state moves towards the
upper left corner of the state diagram (Fig. 1) the stiffness
decreases.

(3) The stiffness changes with structure, be it undisturbed,
remolded, compacted wet, compacted dry, etc.

{4) The method of loading affects the measured stiffness sub-
stantially. Faf example, Cornforth (1964, Fig. 17) reported
that the strain at maximum shear stress is much lower in
plane strain than in triaxial compression.

The shear stress in the steady state (beyond Point s in Pig. 4)

is not 1ikely to be influenced by the initial structure, or the initial
state, or the stress path followed during loading. Only the soil type and
the end point of the stress path are likely to control its wvalue. The
specimen loses its memory of how it arrived at the steady state. The strain
required to reach the steady state can be expected to be dependent on the
initial structure, the initial state, and on the method of loading, as well
as the soil type.

The above effects are summarized in the following table:
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EFFECTS OF MAJOR FACTORS CONTROLLING SHAPE OF

STRESS-STRAIN CURVES

Qualitative Estimate of Effect of Each Factor on:
Initial modulus Peak point Steady State
Factor of deformation Shear '"Width' of Shear Strain
Stress | peak and strainl|stress
at peak
Soil type -’ High High High High High
Initial ~ High High- High- None Low :
state Med. Med.
Initial High High- High- None Low
structure Med. Med.
Method of . High High High Med.- Low
loading Low

When the grains of a soil are weak, angular, platey, or elongate, and
when the soil is tested at sufficiently high effective stresses, significant
grain breakage occurs during testing. (In drained tests grain breakage will
result in continuous volume decrease with an accompanying change in shear
stress, In constant volume tests it will result in a decrease .0f the
effective normal stresses.) Only after grain breakage has ceased (for prac-
tical purposes) can the changes in volume and shear stréss cease also. The
final, steady-state shear stress probably still is dependent chiefly on the
goil that was ﬁsed and on the method of loa&iﬂg, even though the soil haé
been transformed into a new soil by the shearing process. But the strain

required to reach the steady state is likely to be increased by grain breakage.
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4. TIDEALIZED STRESS-STRAIN CURVES

FOR SOILS IN 'DRAINED® SHEAR

4.1 Uncemented Scils with Hard, Bulky Grains

Curve 1 in Pig. 5 (a) shows the stress-strain curve for a triaxial
compression test on a very loose (highly contractive} specimen of sand com-—
posed chiefly of hard, bulky grains. The shear stress increases gradually
with strain until a maximum is reached at Point 'sc'. The shear stress then
remains constant with further strain. The volume decreases continuously
as the shear stress is applied until a void ratioc is reached that remains
constant with further strain, Fig. 5 (b}. At Point 'sc‘ the scil has reached
the steady state of deformation.

The void ratio change in the state diaéram (the state path) is simply
a vertical straight line which starts at the initial state and moves contin-
uously down toward the steady state line, Fig. 5 (c¢), since the effective
minor principal stress is not allowed to change during this test. The
stress path, Fig. 5 (d), is a straight line inclined at 450. It ends at
Point 's'.

A series of specimens tested in triaxial compression starting from
states well above the steady state line and at various effective consclidation
pressures would vield stress-strain curves similar in shape to Curve 1 in
Fig. 5 (a). The initial tangent modulus would decrease as the void ratio

after conselidation, ec, increased and as the effective consolidation pressure,

GBdeecreased.'V?heﬂstié&ﬁlfééuiggé‘po_reaéﬁ;ﬁhe-steadylstatéfinbreasés‘Witﬁ-

increasing e, and with increasing 035'
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In no case would a peak develop. The specimen wounld be contractive
throughout test until the steady state is reached, and the end points of
the state paths would define a steédy state line as illustrated in Fig. 5 (c).
The corresponding steady state strength line, Fig. 5 (d), would be a straight
or slightly curved line passing through the origin.

Specimen 2, consolidated isotropically to Peint c¢_ in Fig. 5 (),

d
which is below the steady state line, first contracts slightly (Watson, 1940,
P. 46) and then, as strains become large enough to cause grains to interfere
with one another, it dilates unﬁil the same steady state void ratioc. is reached
~as for Specimen 1, as also shown in Fig. 5 (b). The stress-strain curve for
Specimen 2, Fig. 5 (a), displays a peak at Point m when the void ratio is
increasing at the maximum rate, due to the energy required to increase the
volume against the confining pressure (Tavlor, 1948;-P. 346; Rowe, 1962, P. 501,
514). At larger strains the same steady state is reached as for Specimen 1.

The ratio of the peak to the steady state strengths from the drained
test is defined by the author as the "drained sensitivity.” This parameter
is analoéous to the usual sensitivity that was introduced by Terzaghi (see
Skempton and Northey, 1952, P. 30) to describe the senéitivity of saturated
soils to remolding at constant water content. To distinguish between the two,

the latter will be called "undrained sensitivity" in this monograph. Both

are useful indic¢ations of the potential magnitude of the effects of progressive

failure.*
i Bishop (1967, P. 145) has suggested that brittleness be defined by Ib =
(Tm - Ts)/Tm . This index "has the advantage that it expresses

directly the maximum percentage error which can arise due to progressive
failure in a brittle soil." The drained sensitivity (Tm/TS) is used

here because it is analogous to and has the same utility as the un-
drained sensitivity which is presently in common use.
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Thé stress path for Specimen 2 is again a straight line inclined
at 45°. 1t crosses the steady state strength line at a strain smaller than
peaklstrain, rises to the peak Point m, and then doubles back on itself to
stop on the same steady state strength line as found for.Specimen 1. If a
series of tests is performed on specimens prepared at the same void ratio

as for Specimen 2, but at various wvalues of o , 1.e., at states lying on a

3¢

horizontal line through Point ¢, in Fig. 5 (¢), the stress paths would pass

d
through a peak and then reverse direction to stop on the steady state.strégéfh
‘line. The locus of these peak points would form the curved peak strength
envelope shown in Fig. 5(d). This envelope must be curved since: (a) at zero
confining pressure an ‘uncemented soil has no strength, so that the peak
strength envelope must pass through zero, (bj at sufficiently high confining
pressures, the initial state of the specimens would be well above the steady
‘state line, so that no peak would develop and the peak strength envelope would
have to merge into the steady state envelope, (¢) grain breakage would be more
severe at high pressﬁres, which could be expected to cause lower peak strengths
than those that-would obtain for no grain breakage, and (d) interparticle friction
decreases with increasing interparticle force (Rowe, 1962, P. 505), The last
two items would also cause a Eoncave downward curvature of the steady state
strength line, althoughlit is shown as a straight line in Fig. 5 (4).

Test series on specimens prepared at constant void ratios e, e,, and

1 2
e3 in Fig. 6 (a) would yield the series of strength envelopes shown in Eig.~é'(b).
The utility of the concept oﬁ steady state lies in the hope that regardless of
their initial state all speciﬁens of the same soil tested with the same method
of loading will show strengths corresponding to a unique steady state strength

line (always plotted in terms of effective stress), as shown in Fig. 6 (b), if

the tests are carried to sufficient strains.
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Specimené prepared at void ratios equal to the steady state void
ratio, Points 1, 2, and 3 in Fig. 6 (a), must display a peak in their stress-
strain curves in triaxial compression tests. These specimens first contract
and then dilate back to their original void ratic, the peak probably cccurring
at the point of maximum dilation rate. Although such specimens. are prepared
at the steady state void ratio, they are not in the steady state until tﬁey
have been sheared to large strains. To form the steady state "structure"
the initial structure must be altered appropriately by the shear stresses.
This behavior in triaxial compression leads to the conclusion that there
exists a line above the steady state line such that specimens prepared at
states on or above that line will be contractive throughout a test until the
steady state is reached. This boundary, shown dashed in Fig. 6 (a), will be
referred to as the DC boundary. It may prove to have significant practical
value since specimens prepared at states above this line would show a contin-
uous decrease of the effective minor prinicpal stress during a consolidated,
constant-volume test. Thus it may form the boundary between specimens . that
liquefy and those that do no liquefy under the particular set of test conditions
that is used to establish the DC houndary.

The steady state veid ratio for bulky-grained soils decreases with
increasing effective consolidation stress, yet tests on one sand have shown
that the steady state envelope is nevertheless straight for effective normal
étresses less than about 4 kg/cm2 (Castro, 1969, Fig. 19). It appears that
in this stress range any decrease in resistance due to the increasing stress
level (which would result from decreased interparticle friction and increased
grain breakage) is counterbalanced by the lower void ratio of the steady state.

Similarly, the void ratios at peak decrease with increasing stress. Thus,
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none of the envelopes shown in Fig, 6 (b) are envelopes for constant void
ratio at failure. It would be possible to define peak,strength envelopes

for which the void ratio at peak is a constant. But one cannot do the same
for the steady state, if the steady state void ratio and the efféctive normal

stress are uniquely related as postulated.

4.2 Uncemented Soils with Substantial Proportion of Platey Grains

The ideal behavior illustrated in Fig,. S for hard, bulky-grained soils
must be modified for the case of soils that contain large amounts of platey
or elongate grains, because as strain occurs the grains become increasingly
orientated in the direction of movement (Skempton, 1964, P. 83) and the
mobilizable shear stress decreases as a result. AL extremely large straing
a steady state degree of orientation, and, hence, a steady state strength,
is reached.

Specimen 1 in Fig. 7 (¢) is prepared at a state well above the steady
state line, such that it igs contractive throughout shear, as seen in Fig. 7 (b).
The stress-strain curve in Fig. 7 (a) has a peak even though the volume is
decreasing at a rapid rate at peak (Point mc). In this case the peak is not
the result of dilation, but instead it is due to the loss in-strength :that
follows when the particles in the failure zone become distinctly orientated.
The axial strain required to develop the peak is very large because substan—
tial movement between grains is needed to cause the necessary orientation.
(Even at 20% axial strain, the relative movement between grains in any soil is

s5till rather small.,) Althoﬁgh the void ratic- decreases after peak, due to



-22-

which a gain in resistance might be expected, the efficiency of the orientated.
structure is such that a net loss of resistance is observed. If the soil con-
tained a larger percentage of bulky particles, the net effect would be no loss
of resistance when the steady state is approached, as in Fig. 5 (a), Specimen 1.
The relation between the distribution of particle shapes and the drained sen-
sitivity of such a contractive specimen - remains to be investigated.

The maximum shear stress for Specimen 1 occurs at a void ratio that
lies above the steady state line (Fig. 7¢) by an amount that depends on the
initial state, the initial structure, and oh the magnitude of the effect of
orientation on the grains. The stress path in Fig. 7 (d) also shows the
peak at Point m.. Tt then reverses on itself to stop5at'PoinE:s.,

Consider a series of specimens prepared at states lying along a virgin
compression curve, which will be aséumed to pass through Point < in Fig. 7 (c).
Consolidated-drained tests on these specimens will yield a line of péaks on the
state diagram that lies above the steady state line and passes through Point
m, as shown. The location of this line of peaks is dependent on the initial
state and structure of the specimen, because at peak the structure of the
gpecimen has not yet been completely altered by the strains. As the effective
consolidaﬁion pressure is increased, the line of peaks probably merges toward
the steady state line, as shown in Fig. 8 { Lines b and c¢). This change with
pressure is anticipated because the difference between the structure of the
soll at peak and steady state can be expected to diminish gradually as Eé in-
creases. Thus, even for soils with very thin, platey grains one may observe
no peak in the stress-strain curve of normally consolidated specimens  tested

at very high pressures in drained shear.
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Corresponding to the line of peaks in Fig. 7 (¢) for contractive
specimens, the beginning of a peak strength envelope is shown passing thwough
Point mc in Fig. 7 {d). This peak strength envelope is the one that is
usually referred to as the "effective stress envelope" for a given soil.

One can sgee from the discussion in this monograph that this envelope is

far from unique. It is a function not only of the soil, but alsc of the
structure, states, and method of loading for the particular test series used
to define the envelope. One can obtain very wide ranges in measured
"friction angle" for any given soil. But the steady state strength line is
likely to be more unique, being dependent only on the soil and the particular-
set of boundary conditions that exist during steady state deformation.

Specimen 2 in Fig. 7 {(¢) is prepared at a state beld& the steady state
line and at the same effective stress as Specimen. 1. In this case the specimen
contracts slightly and then dilates with strain until the steady state is
reached. Again, the strain reguired to reachétead?‘ét;té is %@%yilarge_bécause
of the shape of the grains. The peak point on the stress-strain curve probably
corresponds closely to the maximum rate of dilation because the strains re-
gquired to reach peak in a highly dilative specimen are not sufficient to cause
a marked orientation of the grains. (If a specimen - were prepared at Point s
in Fig. 7 (c¢), the grain orientation when the shear stress is near its méximum
may cause a noticeable difference between the strain at peak and the strain at
the point of maximum rate of dilation.)

The peak point for Specimen 2 ig shown in Fig. 7 (¢} to lie below the
steady state line. If a series of specimens were prepared at states lying on
a swelling curve, such as that shown dashed, a line of peaks for these dilative

specimens could be defined, corresponding to the peak strength envelope passing
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through Point m, in Fig. 7 (d). Again it is seen that this "effective stress

d
envelope" for "overconsolidated" (dilative) clays, is far from unique. Further-
more, the effective stress envelopes for contractive and dilative specimens
cannot be expected to be the same (even after tﬁe resistance due to dilation
rate is taken out), except by rare coincidence. Only when the steady state

has been reached can one expect the effect of the initial state and structure
of the specimens” to bhe deleted, thus yiélding a unigue steady state envelope.
The postulated relationship between the steady state line, the compression

and swelling curves, and the lines of peaks, over the full range up to maximum
past pressure, is shown in Fig.-8. The stress level AA' corresponds to the
situation shown in Fig. 7 (c).

From Figs. 7 and .8 one can. see that normally conscolidated specimens
have vold ratios substantially greater than the steady state void ratio. Their
behavior is analogous to that of loose sands. The differences between the
shapes of stresgs-strain curves of normally consolidated clays and loose sands
is accounted for chiefly by the distribution of grain shapes, which leads in
clays to greater strain at failure and to the possibility of significant grain
orientation due to the sﬁear stresses. Quick clays and silts may be compared
with extremely loose sands that might be slightly cemented--the cementation

bonds being one mechanism through which extremely high void ratios may be

maintained in a natural environment.
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5. EXAMPLES OF STRESS-STRAIN CURVES FOR

SOILS IN 'DRAINED' SHEAR

The stress-~strain curves, volume change curves, stress paths and
state paths for drained tests are discussed below for the following examples:
(a) Uncemented Soils with Bulky Grains
Highly contractive sand ('very loose'}) - Fig. 9
Slightly dilative sand ('loose') - Fig. 10
Highly dilative sand ('dense'} - Fig. 11
{b) Uncemented Soils with substantial proportion of Platey Grains
Highly contractive clay (normally consolidated) - Fig. 12
Very highly contractive clay (quick) -~ Fig. 13

Highly dilative clay (heavily overconsolidated} - Fig. 14

5.1  Uncemented Soils with Bulky Grains

(2) Highly Contractive Sand ('Very Loose')

Fig. 9 shows the stress-strain curve, volume change curve, stress path
and state path for a consolidated-drailned triaxial compression test on a fine

quartz sand. The notations at the bottom of the figure have the following

meanings:
D,y - 10% of grains (by weight) are finer than Do
Cu - Coefficient of uniformity
Sq - Specific gravity of soil solids
® ax Maximum void ratio. Obtained by carefully pouring

oven-dried sand into mold.
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e ~  Minimum void ratio. Obtained by vibrating oven-dry sample.

min
Egc ~ Effective isotropic consolidation pressure
ec - Void ratio after consolidation under 850
Rdc - Relative density after consolidation under Esc
emax - eC
R =
dec e - e
max min
uC - Back pressure (applied to saturate specimen)
w - Water content

The stress coordinates in the gfaphs have been normalized by dividing each by

ch'

The relative density at start of shear was only 17%, which is below
the range of relative density usually encountered iﬁ practice. lThe results
of this test are representative of the idealized case shown for Specimen 1
in Fig. 5.

The stress-strain curve shows a gradual rise to the maximum measured
resistance at Point m. Even with lubricated ends and the comparatively large
axial strain of 24%, the maximum shear stress was not reached. The resistarnce
was still rising énd the vdolume still decreasing when the test was stopped.*
At Point m, the ghear stress was 1.18-3c and the volume had decreased 3.0%.

If the test had been carried to completion, a steady state would have been

reached at a somewhat greater shear stress and slightly lower woid ratio. Thus

Point m on the state diagram, at a relative density of 32.5%, is probably

* Arithmetic plots of stress-strain curves are often misleading because
they make it appear that a maximum or a steady state condition has been
reached when it has not. A plot of strains on a logarithmic scale
gquickly demonstrates whether these states truly have been achieved
{LaGatta, 1970, P. 2-5).
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slightly above the true steady state line, and the friction angle in terms
of effective stress, ¢m, of 31.6° is somewhat smaller than the steady state
friction angle.* The steady state relative density for this effective con-
solidation pressure (1.0 kg/cmz) is about 35%, which in practice would be
congidered a "medium-loose" state (Gibbs and Holtz, 1957, Fig. 5).

The state diagram also contains a plot of the effective normal stress
on the 45° plane versus the void ratio. This plot is a 'compression' curve
for a test in which the principal stress ratio is continuously increasing,
as compared with the more familiar compression curve for one-dimensional con-
solidation in which the principal stress ratio remains approximately constant
(shown dashed in the state diagram). At shear stresses greater than about
0.3Tm, the specimen becomes more compressible in the triaxial test than in
one-dimensional compression. This result is reasonable because it is at
this‘point that the shear stresses on the specimen in the two tests begin
to deviate from each other. Whether or not the reversal of curvature at .the
end of the curve is real or an artifact of the test is unknown.

(b) Slightly Dilative Sand ('Medium Dense')

Fig. 10 shows the results of a consolidated-drained triaxial compression
test on a slightly coarser (than that used for the test of Fig. 9) but still

fine, uniform sand from the Sacramento River. It is composed primarily of

i Note that the slope angle, © , of the line from the oxrigin to Point m-
in the stress path in Fig. 9™is 27.6°. The angle ¢ is the slope of
a line through the origin tangent to the Mohr circl® through Point m.
Thus sin ¢ﬁ = tan Om. In this case, sin 31.6 = tan 27.6 .
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quartz but has some feldspar grains, which are less bulkly and more angular
than quartz grains. In this case, the relative density after isotropic
consolidation is 39%, which would make the specimen 'medium' dense according
to Gibbs and Holtz (1957, Fig. 5). Comparison with Fig. 9 shows that the
more contractive specimen.. was less stiff and required larger strain to reach
the maximum shear stress. These differences exemplify the effects of decrea-
sing contractiveness.

The test of Fig. 10 was again not carried to sufficient strain to
define the steady state. At point s, the end of test, the shear stress
was dropping slowly and the void ratio was increasing slowly.' By extrapo-
lating these curves, one can estimate that the steady state void ratioc lies
between Points ¢ and s on the state path, perhaps at a relative density of
43%. Therefore, this specimen = was prepared at a state slightly below the
DC boundary (refer to Fig. 6) but probably slightly above the steady state
line. The DC boundary would appear to .lie about 5% in relative density, or
0.025 in void ratio, above the steady state line. The two lines are rather
close together; for practical purposes it seldom would be necessarﬁ to dis-
tinguish between them for this soil.

Comparison of Figs. 9 and 10 gives:

s G3C , Cu Description of Grains
Fig. 9 0.72 1.0 1.8 Bulky, subrounded to
subangular
Fig. 10 0.85 - 4.5 1.3 Bulky to somewhat
elongate, angular to
subrounded '

The steady state void ratio was considerably higher for the case in Fig. 10

because the soil contained elongate and angular grains and was slightly more



-29-

uniform. If the U3c values had been equal, the difference would have been

even larger. (At 03C = 4.5 kg/cm2 for the soil of Fig._9, e = 0.70.)
Differences in grain shape and uniformity of grain size that appear small

at first glance have substantial effect on the value of the steady state
void ratio.

The peak point friction angle in Fig., 10 is 34.6°. If the test
were carried to sufficient strain to define the steady state, a slightly
lower friction angle Wéuld be obtained at that state.

The upward curl at the end of the state path for 545 in Fig. 10
reflects the observed dilation at large strains and seems to be a logical
change from the corresponding curve in Fig. 9. Therefore, the upward con-~
cavity at the end of the curve in Fig. 9 may not be a test error. Of course,
a similar error could have occurred in both tests {(although the tests were

performed in different laboratories) at axial strains greater than about 12%.

(c) Highly Dilative Sand ('Dense')

Fig. 11 contains the results of a consolidated-drained triaxial
compression test on the same - soil: used for the test on the highly con-
tractive specimen in Fig. 9. 1In the present case, the relative density was
95%, as compared with only 17% before.

A definite peak (drained sensitivity of 1.4) was observed and the
specimen dilated substantially. The maximum dilation rate corresponds well
with the peak. It is this type of result that permits the idealization shown
in Fig. 5.

Comparison of Figs. 9, 10, and 11 shows the transition in shape of

stress-strain curves for bulky-grained soils as the density is increased. One
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finds increasing stiffness, increasing shear strength, lower strain:to reach
the maximum shear stress, inc:éasing drained sensitivity, and increasing
dilation.

Comparison of Figs. 9 and 11 shows that the steady state void ratio

lies for this soil between 0.68 and 0,73 (for 03c =1.0 kg/cmz), which are
values measured at the end of these two tests, In neither case was the
strain sufficient to reach the steady state. Because failure planes de-
veloped in the highly dilative specimen, the measured volume changes are
more suspect. Therefore, it is likely that the steady state void ratio is
closer to 0.73, and the previously estimated value of 0.72 (relative
density of.35%1.may be reasonable.

The shear strength of the dilative specimen is 1.5630 as compared

——

with,l,163c.for the very loose specimen. These values correspond to ¢m =
39,6o and 31,60, respectively. Increasing the density of this soil is very

effective in providing increased shear strength.

The state path for I3

45 in Fig. 11 shows in another form that the

shear stress caused volume increase, whereas one-dimensional compression

from the Point ¢ would yield the dashed curve. The stresses applied during
the triaxial test cause compression similar to one-dimensicnal compression up
to the point when the shear stresses reach about one-half of the peak sheaf

stress.
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5.2 Uncemented Soils with Substantial Proportion of Platey Grains

{a) Highly Contractive Clay {(Normally Consolidated)

FPig. 12 shows the results of a consolidated-drained rotation shear
test on a very thin, annular specimen of remolded Pepper shale. This test
is representative for the idealized case shown in Fig. 7, Specimen 1.

It was consolidated from a water content of 6h% (liquidity index = 0.80)
to an effective normal stress on the horizontal plane of 4.0 kg/cmz. The

new notations in Fig. 12 are:

Uh Effective normal stress on horizontal plane

a Denotes stage of test after consolidation under the effective
normal stress in complete (just before start of loading).
The consolidation stregsses are anisotropic, hence the use

of 'a'.
i ~Subscript to denote initial or as-molded state
Th Shear stress on horizontal plane
H Thickness of specimen
‘ ) Peripheral displacement
Y Shear strain { = G/Ha)
v Volumetric strain
Gw Degree of saturation
LW Liquid l1imit
Pw Plastic limit

The stress-strain curve shows a peak at the extremely large shear
strain of 63% and then a very gradual decrease in shear stress, as the
grains become better orientated, until a constant shear stress is reached at
a "shear strain" of 5260%. Many published stress-strain curves for remolded,
normally consolidated specimens in drained shear>show a gradual rise to a

maximum without subsequent reduction in shear stress. Such results are
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obtained if the tests are stopped at conventional low strains. The shear
strain at peak.of 63% is approximately equivalent to an axial strain of
40% in triaxial compression (assuming the method of loading has no effect
on strain at peak). Neither triaxial tests nor direct simple shear tests
can be carriéd to sufficient strain to define the entire stress-strain
curve shown in Fig. 1l2. Two features of this test accentuate formation
of a peak: (1) the specimen was anisotropically consolidated at 01/055
2 and (2) it was prepared at W, = 61% (ligquidity index = 80). It is
unlikely that their combined effeét would reduce the drained sensitivity
appreciably below the observed value of Sd-; 1.7, 1If behavior at large
strains is to be represented, the assumption that a normally consolidated
clay will fail plastically in drained shear must be discarded.

The 'shear sfrains‘ that are plotted beyoﬁd:peak in Fig. 12 are
much smaller than the actual strains in the failure zone because a very
thin shear zone must begin to form approximately when the peak is reached.
{(The shear surface observed after test was a very shiny slickedside.) The
true shear strains in the failure zone are probably many times greater than
thése plotted, so it may be more appropriate to speak of the displacements
that are required to reach a given point beyond peak. The peripheral dis-
placement at Point m is 0.084 cm, compared with 7.0 cm'wheﬁ the steady
stgte is reached at Point s.

The measured peak shear stress is only 0.22 Gha and the steady state

shear strength is only 0.13 Gha' corresponding to a peak friction angle of
12.5° and a steady state friction angle of 7.50. The very low peak friction

angle may be partially the result of grain orientation, which may already have

become significant at the large strain at which this peak occurred.
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The volume of the specimen decreased throughout the test. In
this éase, the peak was not formed because of dilation* against Eﬁ, but
instead was the result of grain orientation at large strains. Even at
Point s, where it is estimated that the steady state had been reached,
the volume was decreasing at a very slow rate. Thus, Point s does not fully
satisfy the definition of steady state. When the peripheral displacement
was increased from 7 to 23.5 om the shear stress remained constant and
the volume continued to decrease. It seems probable that these volume
decreases were due to loss of soil, {(although extreme care was taken to
contain this fine-grained clay) because one would expect a gain in strength
if the void ratioc actually decreased from 0.70 at Point s to 0.62 at
Point u. BAlso, a steady state void ratio close to the void ratio at the

plastic limit (e = 0.61l) seems, intuitively, too low for Gha = 4.0 kg/sq cm.
Further investigation is needed into tﬁe void ratio changes that accompany
large deformations in rotation shear. It is iikely that none of the void
ratios in Fig. 12 represent the void ratio in the very thin failure zone

in this specimen, except perhaps at the very early stages of the test.

(b} Very Highly Contractive Clay (Quick}

On the basis of Fig. 7, one would expect that a drained test on a
"quick' clay, which is a very highly contractive soil, would give a stress-—
strain curve with a substantial peak, since even a remolded, normally con-—
solidated specimen showed a drained sensitivity as high as 1.7 (Fig. 12}.

Although no drained tests on guick clays have yet been carried to large

* In fact, a small amount of energy was being released by this specimen
due to volume decrease at peak. This energy causes the magnitude of
the peak shear stress to be smaller than it would be if the volume
were not changing at peak.
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enough strains to prove whether or not a peak does occur, some information
on this point may be gained from a study of Fig. 13. It contains the
results of a consolidated-drained direct shear test on a Norwegian clay
with an undrained sensitivity of 40 to 150. The specimen was consolidated

to Gha = 0.58 kg/sq c¢m, which is equal to the in-situ effective over-
burden pressure. The void ratio after consolidation was about 1.19, as
compared with void ratios of (.70 and 0.56 at the liguid and plastic limits,
respectively.

The stress-strain curve showed a break* at T = 0.22 Uha’ rose to

'Tm = 0.4 Uha at a shear strain of 42%, and it displayed no peak. The
volume decreased continucusly throughout the test. If this test could have
been continued to large strains, the shear stress would have increased
still further - - to a friction angle greater tﬁan 21.9°. It is not clear
whether a reduction in shear stress would have occurred at very large strains,
but according to Skempton (1964) a soil such as this, with 48% of its grains
finer than two microns, would have a steady state friction angle between 10°
and 210. Thus, it is plausible to expect a peak in the stress-strain curve
.for this quick clay. The drained sensitivity probably would lie between 1.1
and 2.

The state diagram in Fig. 13 shows that the wvoid ratio at Point m was
0.98, which is substantially greater than the void ratio at the liquid limit,
One could expect a large volume decrease before reaching steady state in this

specimen. The shear stress may therefore increase before decreasing again to

the steady state friction angle estimated above.

* - Bjerrum and Landva (1966, P, 15) explained the presence of the break
as due to breakdown of the sensitive, undisturbed structure of the
specimen.
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(¢) Highly Dilative Clay (Heavily Overconsolidated)

Fig. 14 shows the results of a consolidated-drained rotation shear
test on a specimen of remolded Pepper shale that was consolidated to 100
kg/cm2 and swelled back to 1.0 kg/cm2 before start of rotation. This test
is representative fof the idealized test shown in Fig. 7, Specimen. 2. The
stress-strain curve shows the expected sharp peak at a shear stress of 0.5

Oha and a shear strain of 20%. This shear strain is eguivalent to an axial
strain of about 12% in the triaxial cell (assuming no effect of method of

loading}, which is a reasonable peak strain for a heavily overconsolidated,
remolded clay. The peak friction angle is 26.6°. At the steady state the

shear stress is 0.14 0, and the friction angle is 8.20. The drained

ha'’
sensitivity of 3.4 is not unusually high for such a heavily overconsolidated
clay.*

The steady state friction angle of 8.2° in Fig. 14 compares well with
the value of 7.5° shown in Fig. 12. (Both of these tests were performed on
specimens from the same batch of soil.) The small difference between éhe
two results is practically eliminated when the friction against the confining
ring is subtracted. The small horizontal tick marks on the stress paths in
Figé. 12 and 14 just below Points s show the steady state strength after re-
moval of this friction. This equality of residual (steady state) friction

angles for normally and heavily overconsolidated specimens was anticipated

by Skempton (1964, Fig. 6).

* The degree of progressive failure that takes place in a specimen of
these dimensions is probably not sufficient to: . reduce the measured
peak sheax stress, and hence the drained sensitivity, by more than 20%.
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The volume of the specimen of Fig. 14 increased at the maximum
rate near the peak point of the stress-strain curve and continued to
increase at larger strains, but the point of maximum dilation rate cannot
be determined very precisely from these data. When the steady state was
reached at Point s, the.volume had increased 8%, and beyord. that point
there was no_‘change in volume or shear stress. In this case, no effect of
squeezing out of soil was apparent. But because a shiny slickenside was
formed, the observed volume increase very likely represents changes in
only a thin zone of the specimen. It is likely that the actual percent
volume increase within the failure zone was substantially greater than
the recorded value, and that squeezing out was occurring simultaneously.

In any event, the shear stress did reach a constant value.
The best estimates of the steady state void ratios from Fig. 12 and

14, assuming uniform specimens in each case, are:

Overconsolidation e e

Oh '
k /2m2 ratio a S
g (est.)
Fig. 14 1.0 100 0.68 0.81
Fig. 12 4.0 i 0.84 0.70

Although these values may be grossly in error, they do decrease with increasing

effective stress as expected.
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6. IDEALIZED STRESS-STRAIN CURVES FOR SOILS

SHEARED AT CONSTANT VOLUME

6.1 Uncemented Soils with Hard, Bulky Grains

Fig. 15 shows the idealized relationships among stress-—-strain
curves, changes in effective stress, stress paths, and the state paths
followed during constant-volume shear of specimens composed of hard,
bulky grains.

For Specimen 1, prepared in a highly contractive state, the stress-
strain curve rises to a rather sharp peak and then drops to a steady state
shear stress at large strains. The undrained sensitivity shown for this
example is about 2. The corresponding stress path shows that the maximum
shear stress (Point m) is reached when the effective principal stress ratio
is smaller than its value at the steady state (Point s). When Point s is
reached, the stress path simply stops--no further change in shear stress
or effective normal stress occurs. The state path starts at Point c
(Specimen 1) and moves horizontally to the left, since the void ratic is
held constant, passing the peak shear stress at Point m and continuing to
the left until the steady state line is reached. The line of peaks through
Point m lies well above the steady state line. In Fig. 15 (d) the effective
minor principal stress is seen to decrease continuously with strain until
the steady state is reached. There is no obvious change in curvature‘as
the peak shear stréss, Point m, is passed.

Assuming that Specimen 1 was fully saturated and that volume was
maintained constant by allowing no change in water content, the stress-strain

behavior may be explained qualitatively as the combination of two effects:
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(1} the continuous increase in the mobilized effective principal
stress ratio with strain, and (2) the simultanecus build-up or pore pressure
and consequent reduction of the effective minor-principal stress due to _the
tendency for volume decrease under shear stress.

During the early stages of the test, the shear stress rises because
the effect of the increasing principal stress ratio is greater than the
effect of the reduction of 53. At some point during the test, the effect
of the increased principal stress ratio is exactly offset by the effect
of the decreasing 53. At this point, the peak occurs in the stress-strain
curve. At larger strains, the rate of pore pressure build-up is so rapid
that, even though the effectivg principal stress ratio continues to rise
slowly, the net effect is a decrease in shear stress, as shown at points
beyond Point m in Figs. 15(a) and.15(b). In this case, the drop in shear
stress beyond peak is not due to increasing void ratio,as it was in the
case of drained tests, nor is it due to orientation of grains. It is merely
the effect of a continucus rise in pore pressure as the structure collapses.
For this bulky-grained soil, one would expect no decrease of 51753 even at
very large strains, because grain orientation effects should be small.

Specimen 2 is pfepared at an initial state that is below the steady
state line, Point ¢, in Fig. 15{(c). Again the observed behavior is due to
the combined effects of the changes in the effective principal stress ratio
and the effective minor principal stress. During the early stages of shear,
the pore pressure increases slightly, the effective principal stress ratio

rises, and a net increase in shear stress results. The slope of the stress-

strain curve decreases up to Point g in Fig. 15(a). But with greater strains,
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the soil grains start interfering with each other and the specimen tries

to increase in volume. Since the volume increase is prevented by main-

taining constant water gontent, the pore pressure drops so that the

effective minor principal stress increases, Fig. 15{(d). At this stage,

both the changes in 53 and in 51/53 tend to increase the shear stress.

The combination causes the stress-~strain curve to "stiffen," i.e., its

slope increases, at Point q in Fig. 15 (a). Subsequently, the pore pressure

drops continuousliy and, therefore, the mobilizable shear stress increases

continuocusly until the steady state is finally reached at very large strains.
The stress path, Fig. 15 (b), shows that the maximum principal

stress ratio (Point p) occurs at some stage prior to the stage when the

maximum shear stress is reached (Point m). For some time the author felt

that such data were the result of test errors. However, Wroth and Bassett

(1965, Fig. 7) have shown that the peak principal stress raﬁio should occur

before Point m, at the point when the rate of change of effective minor

principal stress is a maximum, i.e., at Point p in Fig. 15 {d). This re-

lationship is analogous to the development of the peak principal stress

ratio (or peak shear stress) in drained tests at the point when volume is

increasing most rapidly.* Although the principal stress ratio decreases

at strains beyond Point p, it does not decrease enough (from this cause) to

result in a net decrease in shear stress.

* In the present case, an increased principal stress ratio is needed to
increase the effective minor principal stress at constant volume rather
than to increase volume at constant stress. For contractive specimens
in undrained tests, a smaller principal stress ratio is needed because
of the continued decrease in effective minor principal stress. Thus
the stress path for Specimen 1l should not be expected to cross the
steady state envelope in Fig. 15 (b).
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By comparing Fig. 15 for constant volume tests with Fig. 5 for
drained tests, one can see the value of the concept of steady state as
displayed on the state diagram. Given the steady state line, one can
predict the end point for a test on a specimen prepared at any initial
state, and one can estimate the shape of a stress-strain curve and the
changes in volume or effective stress that will occur as the steady state
is approached. More information is needed to judge the conditions that
develop. at peak, but the location of the steady state line relative to the
starting point for the test does set certain broad limits on the resistance

and effective stresses that develop at peak.

6.2 Uncemented Soils with Substantial Proportibn of Platey Grains

Fig. 16 shows the idealized stress-—strain curves, stress paths,
state paths and effective minor principal stress curveé for contractive and
dilative specimensrof a platey-grained soil in constant-volume shear.

The major difference between Figs. 15 and 16 results from the
substantial grain orientation that can occur in a soil containing chiefly
platey (or perhaps elongate) grains. The principal stress ratio that can
be mobilized first increases and then decreases appreciably at larger
strains, as the grains in the failure zone become orientated. Superimposed
on these changes are the changes of effective minor principal stress that
are caused by the constraint on volume change.

For the contractive case, Specimen 1, the stress-strain curve can

be expected to show a substantial post-peak loss of resistance due to the
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combined effect of pore pressure build-up and grain orientation at large
strains. The effect of grain orientation at.very large strains can be
expected to be small, if the specimen remains homogeneocus, because the
void ratio is so high that the particles are not too close togeﬁher in
any case. The undrained sensitivity shown for this example is about

3.7. The stress path shows that in the steady state the principal stress
ratio for this type of scil has a value smaller than its maximum at pc,
which is gquite different from the result for bulky-grained soils wherein
the maximum principal stress ratio occurs at the steady state. The
principal stress ratio drops at large strains as a result of grain orien-
tation. Usually, only at very large strains is there sufficient orienta-
tion to observe this drop in principal stress ratio in actual tests.

The state path for Specimen 1 shows Point m to the right of the
steady state line. The location of the line of peaks through Point m is
a function of the initial state and structure of the specimens, as before.
The steady state line is reached when the grains have finally reached a
steady-state orientation, just as was the case for drained tests.

The shape of the curve of effective minor principal stress vs.
axial strain for Specimen 1, Fig. 16 (d)}, is similar to that for the
bulky~grained soil of Fig. 15. 1In the present case, the effective minor
principal stress at peak is 0.4 times its value at the end of consolidation,
which corresponds to a value of Skempton's pore pressure coefficient, Am,
of 0.9. When the steady state is reached, ﬁhe effective minor principal

stress is only one-quarter of its original value, and AS = 4.2,
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For the dilative case, Specimen 2 in Fig. 15 (a), the stress-strain
curve shows the same initial shape as was given for the bulky-grained
specimen in Fig. 15. But in.this case, a peak does form at Point m because
of grain orientation at larger strains. The stress path passes the maxi-
mum principal stress ratio and then rises to the peak when the effect of
increasing effective minor principal stress is just balanced by the effect
of decreasing principal stress ratio, the latter being caused by grain
reorientation. The peak point can be expected to lie on an envelope that

is steeper than that for the contractive case, because (1) for the dilative

is increasing and for the cqntractivefspecimeh‘03

specimen 53 is décreasing,
cand. (2) thé'smallef effécfive minor principal stress for the dilative spec-
imen may mean that a higher principal stress ratio can be mobilized due to
higher interparticle friction. At the steady state, the same point is
reached as for the contractive specimen, assuming a unigue steady state line
and ideal tests.

The line of peaks for dilative specimens, Fig. 16 (c¢), lies to the
left of the steady state line and bears no relation to the line of peéks for
highly contractive specimens.

Fig. 16 (d) shows for the dilative specimen the usual small decrease
of-effective minor principal stress, followed by an increase as the grains
interfere and try to cause dilation. The effective stress then rises contin-
ucusly until the steady state is reached. This change increases the shear

resistance, but the stress-strain curve nevertheless shows a drop due to the

overpowering effect of grain orientation.
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Test errors make it practically impossible to observe all of
the characteristies illustrated in Fig. 16. The dashed stress paths and
state paths show the expected effect of void ratio changes within an
individual specimen due to small initial non-uniformities in void ratio
and stress distribution. Specimen 1 tries to contract during shear. On
one p;ane in the specimen the shear stress will be more critical than 6n
adjacent parallel plaﬁes and that plane will begin to deform more than its
neighbors. In the region close to that plane, the grains will become more
orientated than in the adjacent zones and the resistance will, therefore,
decrease more rapidly with strain than would be expected for a uniform
specimen. For a real test, the stress-strain curve beyond the peak strain
would lie to the ieft of the idealized curve‘shown for Specimen 1, but at
very large strains, the measured stress-strain curve would cross the ideal
curve because there would be interxnal drainage away from the failure zone.
The stress path would change from that shown as a solid line in Fig. 16
(b) to that shown dashed. A similar argument leads to the stress path shown
dashed for the dilative specimen. Therefore, although for ideal constant-
volume tests one might expect to reach the same steady state strength for
both dilative and contractive specimeng; test errors prohibit that oberva-
tion. (Specimen non-uniformities also develop in drained tests and they
cause errors in measurement of the steady state void ratio. But the steady
state strength in drained tests for both contractive and dilative specimens

are in closer agreement, as shown in Fig. 6)
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In Fig. 16 (d) the Point p (maximum principal stress ratio) is

shown at the point where 0. is increasing most rapidly, in accordance with

3

the prediction by Wroth and Bassett (1965, Fig. 7). However, observations

have not yet confirmed this prediction, as will be seen in Section 7.2.
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7. EXAMPLES OF STRESS—-STRAIN CURVES FOR SOILS

SHEARED AT CONSTANT VOLUME

7.1 TUncemented Soils with Bulky Grains

(a) Highly Contractive Sand ('Very Loose')

Fié. 17 shows the results of a consolidated-constant-volume
triaxial compression test on a fine, uniform sand consolidated to an
effective stress of 4.0 kg/cm2 at a relative density of only 27%. This
test illustrates the idealized behavior shown for Specimen 1 in Fig. 15.

The stress-—strain curve has a sharp peak, at the low axial strain
of 1%, followed by a large drop in shear stress and simultaneous decrease
of the effective minorx principal stress. At peak the A-value was 1.28,
which is in the same range as A-values measured in sensitive, normally-
consolidated clays. When Point s was reached, the A-value had increased
to about 16! These changes correspond to a loss of all but 3% of the
effective consolidation pressure, and an undrained sensitivity of about
8, all of which were caused by the collapse of the very loose structure
of this specimen. From the stress path, it is seen that the peak point
is reached at @ = 30°. The maximum principal stress ratio developed
only at the larger strains corresponding to Point s. Since grain orienta-
tion in this soil probably has small effects, no drop of the principal
stress ratio occurred even at 20% strain. The point on the state path
corresponding to the peak, Point m, occurred at a substantial distance from
Poinﬁ s.

This test result demonstrates the shape of stress-strain curve that

occurs when specimens liquefy in the laboratory under static loading. After
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test, such specimens segregate into soil at the bottom with a layer of

water at the top. A similar shape of curve may be expected to occur in-situ
during liquefaction. But a specimen at the same void ratio in-situ would

be more unstable than might be deduced from Fig. 17, because of anisotropic
consolidation. . For example, assume that in-situ 51/63 = 1.5 and 53 = 3 kg/cmz,
corresponding to Point a in Fig. 17. Then the shear stress need be changed

by only 0.05 G to cause liquefaction (Castro, 1969, Fig. 63). Because

3c
the strength after liquefaction (.03 63c) would be lower than the shear
stress at Point a (.19 530), one can expect very large deformations before
cessation of movement after liguefaction. Cyclic shear stresses of even
smaller magnitude than .05 53c would be sufficient to cause liquefaction in
such a specimen.

A. Casagrande has postulated that the liquefied state (Point s in
Fig. 17) is a special state in which the particles have adjusted themselves,
after collapse of the structure that existed ét Point ¢, so as to offer a
minimum resistance to deformation. He referred to this new structure as the
"flow structure."* This hypothesis by Casagrande requires investigation,
as its implications are important for complete understanding of liguefaction

and the interparticle processes that govern the shapes of the stress-strain

curves of soils.

* Casagrande made this suggestion in his lectures on soil mechanics that
the author attended in 1959 and had made it in previous years also,
probably for the first time in the early 1950's or perhaps even earlier.



It seems reasonable that such a state might exist over a limited
{but very impbrtant in practice) range of strain just after the initial
structure collapses. At that stage one might visualize that all particles
are momentarily practically floating (63 ;jo) until sufficient strain occurs
to cause them to contéct.each other again and to tend towards the steady
state. The movement between parﬁicles fhat is required to achieve an
overall axial strain of 20% is wvery small. Therefore, Poiﬁt § in Fig., 17
may not be the steady state as defined in this paper, but it may be a
temporary neutral state which will be lost at large strains. If so, the
stress path would reverse and move up to the right along a strength enve-
lope inclined at about 300, and the steady state would be reached at some
very large strain not achievable in the triaxial cell. In the state
. diagram, the steady state would then lie to the right of Point s, and

could lie even to the right of Point m.

{b) Sand Cleose to Steady State Void Ratio

Fig. 18 shows the results of a consolidated-constant-volume triaxial
compression test on a fine, uniform, river sand. The specimen was consoli-
dated to the high effective minor principal stress of 35.1 kg/cm2 at a
relative density of 48.5%. This curve deserves considerable attention because
it represents behavior of soils prepared at a state close to the steady state.

The early portions of the plots in Fig. 18, up to Point g, look much
like the early portion of the corresponding plots in Fig. 17. The following

points in the two figures are probably analogous:
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Fig. 18 Fig. 17
Maximum shear stress prior to
collapse of soil structure b m
Maximum pore pressure build-up
due to collapse of structure g s
Iﬁ is interesting that at Point b (Fig. 18) 53 = (.39 530, which compares

well with the value of 0.453c at the analogous point in Fig. 17. But the
subsequent pore pressure build-up was much less in Fig. 18, reaching a
maximam at Point g, where A‘= 1.12, as compared with A = 16 at Point s in
Fig. 17. Consequently, the drop in shear stress from Point b to Point g in
Fig. 18 was slight.

The shape of the curve beyond Point ¢ in Fig. 18 may represent the
true behavior of this gpecimen or it may be due to test error. If it is
true behavior, one may explain it with the aid of Casagrande's postulate
that just after collapse of the soil structure the particles orientate
themselves in such a manner as to offer least resistance to deformation. At
this stage, the pore pressure would build up to a maximum vélue. Subsequent
strains would cause the particles to interfere with each other somewhat,
resulting in a slight decrease in pore pressure until the steady state is
finally reached at large strains. Similar behavicr would not be cbserved in
locser specimens (Fig.. 17) because extremely large strains would be needed to
reach the steady'state.

Alternatively, the shape of the stress-strain curve beyond Point g
may be due to non-uniform woid ?atio in the specimen , It may well be that

the deformations between Points b and g were concentrated within a small zone

that was approaching the steady state of deformation. During this process, the
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zone would be contractive and water would flow to adjacent zones. The
shear stress would then have to be increased until a fairly large zone of
the specimen was in a steady state of deformation. A void ratio variation
of only about 0.004 (!) would be sufficient to cause the behaviocr dis-
played in Fig. 18.: If this interpretation is correct, and if the specimen
had a truly uniform voéid ratio, then the stress—strain curve and the pore
pressure curve in Fig. 18 would be as shown dashed. In such a case, one
could conclude that this specimen had been prepared at a void ratio almost
precisely on the DC-boundary (Fig. 6).

The drop in shear stress at strains beyond Point m is consistent
with the probability that grain breakage was occurring during this rather
high-pressure test. But if such were the case, the pore pressure probably
should have risen simultaneously, which is opposite to what was observed.
Therefore, the behavior beyond Point m might be attributed to a test error
{(due to a slight specimen non-uniformity or slightly incorrect "area correc-

tion") or to a combination of grain breakage and test error.

(c} Highly Dilative Sand ('Dense!)

Fig. 19 shows results of a consclidated-constant-volume triaxial
compression test on a fully saturated specimen of a uniform, medium sand.
It was congolidated to 530 = 6.6 kg/cm2 at a relative density of 84%. A very
high back pressure of 63.5 kg/cm2 was used to ensure that full saturation was
maintained throughout shear.

The doubly-curved stress—strain curve that results as the specimen

passes from the contractive to the dilative state is very well demonstrated.
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The explanation for this shape was given\qualitatiﬁely_5§7Hi;schfeld”(1958j
P. 144). TLater this behavior was explained quantitatively by Wroth and
Basset (1965, Fig. 7). The maximum ?rincipal stress ratio occurs at the
second inflection point of the stress-strain curve, which is alsoc close to

the point at which the rate of iﬁcreaserof 0. is a maximum, as anticipated

3
by Wroth and Bassett. The A-value for this specimen varies from +0.13 at
start of loading to ~0.42 at peak aﬁd, because of the strong negative pore
pressures, the peak shear stress is about 9530, or 25 times greater than
the maximum shear stress measured for the loose specimen of Fig. 18.

The steady state for this specimen is probably near Point m. But
grain breakage was occurring at that stage (Wissa, 1970)., which means that
the steady state could not truly be reached until grain breakage ceased.

‘pdfé”watértwgrain breakage, and perhaps to small test errors.

7.2 Uncemented Scils with Substantial Proportion of Platey Grains

{(a) Very Highly Contractive Clay (Quick)

Fig. 20 shows the results of a consolidated-constant—-volume simple
shear test on a normally consclidated specimen of a guick silty clay. The
undisturbed specimen was consolidated to an effective stress on the horizontal

plane, o , of 2.0 kg/cm2 at a void ratio of 0.76. 'The void ratio at the

hc
liguid limit is 0.67 and at the plastic limit 0.53 for this soil. Therefore,
the undisturbed soil must be very sensitive to disturbance of its structure.

The measured undrained sensitivity, obtained by wvane tests on several specimens

ranged from 40 to 150.
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The stress-strain curve displays a slight drop after peak. Because
of the presence of platey grains, the shear strain at peak is relatively
high, 15% (equivalent to Sl = 10%), as compared with only 1% axial strain
at peak for the very loose, bulky-grained sand of Fig. 17. At the end of
test the shear stress and the effective stress on the horizontal plane are
still dropping, and the stress path indicates that the effective principal
stress ratio is still increasing. If there is to be any drop in the
principal stress ratio due to orientation of grains, as anticipated by the
stress path for Specimen 1 in Fig. 16, the stralns were not sufficient in
this test to display that effect. Judging from the undrained sensitivity
of 40-150, one might expect that if strain were continued the.stress path
would continue its movement downward and to the left. For this soil the
strains required to reach the steady state would be very large. The steady
state probably has not been even closely approached during this test,
although it probably was closely approached when the vane tests were per-
formed to measure undrained sensitivity. The A-value at peak is about 1.2,

as for the very loose sand of Fig. 17. The steady state A-value probably

would be about 100 for this specimen of gquick clay.

(b) Highly Contractive Clay (Normally Consolidated)

Fig. 21 shows the results of a consolidated-constant-volume triaxial
compression test for a typical ﬁormally consolidated clay. The specimen was

-fully saturated and consolidated to O c = kg/cm2 at a void ratio of 1.55.

3
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The void ratic at the liquid limit is about 2.2 and at the plastic limit
about 1.1.

The stress-strain curve shows the gradual rise to peak, as usually
reported for such soils, and the peak strain of 5% is typical. The effective
minor principal stress is still dropping at Point m. Therefore, the steady
state has not yet been reached for this specimen. The reported undrained
sensitivity of 10 means that the stregs-strain curve and stress path would
stop approximately on a line where 145/530 = 0.04, as shown on the stress-
strain curve.

The peak point A-value was 0.9 and the A-value at the steady state
would probably be about 20. Thus the stress-strain curve shown in Fig. 21
is only part of the entire curve and it does not demonstrate whether the
principal stress ratio would drop at large strains due to grain orientation.
The balance of the curve cannot be obtained in the triaxial test although its
shape can be estimated with the aid of vane tests. The corresponding stress
path that might have been followed if the test were carried to large strains
is shown dashed.

A slightly more complete stress-strain curve for a normally consolidated
clay is shown in Figure 22. A specimen of London clay was consolidated from
a slurry at a water content of 163% to an effective consolidation pressure of
60.2 kg/cmz. It was loaded at constant volume in triaxial compression. In
this case the stress-strain curve shows a slight peak--the maximum shear stress
occurring at an axial strain of 8.5%, which is not too great when one considers

the very high effective consolidation pressure. At peak, 0. was still decreasing

3
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and 51/63 was increasing, as for the previous example. But with further

strain 51/5 reached a peak and showed a slight drop at the largest strains,

3
as shown by the stress path.

When the test was stopped at 20% strain, ¢ had dropped from a
maximum of 16.5O to 15.30. The latter figure is only 0.30 greater than
the steady state (residual)_value of 15° reported by Bishpp, Webb, and
Skinner (1965, Fig. 11) for this scil. This final drop of the principal
stress ratio occurred chiefly towards the end of the test where ﬁhe stress-
strain curve turns down slightly. Therefore the change could be due to
test error rather than to orientation of grains. Nevertheless, the small
difference between the final @g-value and the steady state value indicates
that the steady state was closely approached in this test. The small differ-
ence between ¢m and the steady state ¢‘is due to the high pressure used.
In Fig. 8 it is indicated that the line-of-peaks and the steady state line

can be expected to converge at high pressure. It would be expected that

the corresponding g-~values should converge also.

(¢} Highly Dilative Clay (Overcconsolidated)

Fig. 23 shows the results of a consolidated-undrained triaxial
compression test on a fully saturated, compacted specimen tested at
- 2 .
030 = 2.1 kg/cm and ec = 0.5. The void ratio at the liguid limit is 0.94

and at the plastic limit it is 0.41. Therefore the specimen could be expected

te be dilative at the low consolidation pressure used for this test.
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The stress-strain curve shows the expected double curvature and
gradual rise to maximum shear stress. At the end of test the shear stress
and effective minor principai stress are still rising, indicating that the
true maximum, i.e., the steady state, could be developed only after sub-
stantial additional strains. The first point of inflection corresponds
closely to the minimum value of effective minor principal stress, and the
second inflection point approximately to the point at which the maximum
principal stress ratic is reached. A small reduction of the principal
stres; ratio occurs at large strains. This change probably is due to
the change in rate of incréase of 53 rather than to orientation qf grains.

The steady state was more closely apprcached in the example
illustrated in Fig. 24. BAn undisturbed, heavily-overconsolidated specimen
of London clay was tested at constant volume in triaxial compression at
530 = 1.05 kg/cmz. In this case the reversal of curvature of the early portion
of the stress-strain curve was not observed and the effective minor principal
stress dropped extfaordina#ily rapidly - almost to zero - before starting
fo rise again. The'Anvalue For this portion of the curve was close to one-
third, as shown in the stress path, which is the value exhibited by perfectly
elastic materials. It may be inferred that this specimen was cemented.*

The cementation accounts for the fact that no reversal of curvature is observed

in the stress-strain curve for this specimen.

*#  Bishop (1969) has shown that London clay does have tensile strength,
i.e., it is cemented.
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At the peak Point m, a thin failure zone developed along which
subseqguent displacements were concentrated. (The horizontal axis was given
in percent axial displacement rather than strain, since the strains in the
failure zone were unknown beyond peak.) Therefore, the clay grains in the
failure zone probably became orientated. Also the failure zone probably
increased in water content at the expense of adjacent zones (thus the state
path for the. failure zone is not truly horizontal for this test). These
effects would be expected to cause reduction in shear stress and principal
stress ratio from Point m to Point s, as was observed. At 11% axial dis-
placement the strains in the failure zone were already large enough to
cause the stress path to approach the steady state strength line very
closely. This stress path is related to the dashed stress path for the highly

dilative specimen in Fig. 16.
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8, APPLICATIONS

Several specific examples of how the information presented in
Figs. 5, 7, 15 and 16 can be used to help understand soil behavior are given

© in the subsequent paragraphs of this chapter.

B.1 Significance of the Terms “Normally Consolidated" and Loose"

The distinguishing quality of normally consolidated specimens of
water-deposited clays is that they are contractive if tested at effective.
stresses equal to or higher than the in-situ stresses. (The degree to which
they are contractive, as measured by the height of the virgin compression
curve above the steady state line, is dependent upon every detail of their
geologic history because their composition and structure are dependent upon
this history.) Overconsolidation, on the other hand, causes the state of a
clay to move toward or even below the steady state line, and a heavily over-
consolidated clay is generally dilative if tested at effective stresses equal
to or less than the in-situ stresses.

Residual clays are an exception because they may be normally consoli~
dated, never having been subjected to higher effective normal stress than
currently exists, and yet have low enough void ratio to be dilative at low
effective stresses.

For sands, the term overconsolidation has little meaning because
normal stress alters the state of a sand much less_than it does the state of
a clay. As one passes from clean sands (or rockfills) to clays, there is an
increasing influence of pre-existing effective normal stresses on the void

ratic after removal of those stresses.
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For sands, the term "loose," as defined by Gibbs and Holtz (1957},
refers to specimens that have relative densities in the range 15% to 35%.
Such specimens generally lie near the steady state line, or perhaps slightly
above, and "very loose" refers to specimens lying well above the steady state
line. Therefore, relative to stress-strain behavior, the term “#ery loose",
as applied to sands, and "normally consolidated,” as applied to clays, are
analogous. Similarly, a "dense" sand specimen, for low effective stresses,
lies below the steady state line, as do heavily overconsolidated specimens
of clay. But a loose sand or a normally consclidated clay tested at high
effective stress will be highly contractive, and a dense sand or a heavily
overconsolidated clay tested at high pressure may well be contractive also.
Thus, one must not attempt to predict the behavior of a specimen unless
the stress level is given together with the terms loose, dense, or normally
or overconsolidated.

'Erom the above discussion it becomes clear that,with respect to
stress-strain characteristicsﬁthe state of any séil specimen may be better

measured by its position relative to the steady state line.* For example,

one could define a "degree of dilativeness" or a "dilativeness index" as:

If Di = 0, the specimen is at the steady state void ratio. Negative values of

Di would refer to specimens at void ratios above the steady state line, regardless

* Wroth (1965) apparently was first to use the distance from his critical
state line as a measure of the state of a specimen.
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of stress level. It would be of interest to investigate the usefulness
of such an index in practice, One problem in use, as with other such
indices, is that the location of the reference line, in this case the

steady state line,=ﬁﬁsE‘fifétmbéfgéfefginéd;i?'¥7

8.2 8Selection of Apparatus for Measurement of Stress-Strain Behavior

The stress-strain curve of a soil depends mainly on {a) the soil,
(b) its structure, (c) the_initial state of the specimen, and (d) the
methed of loading. If one assumes that a specimen has been carefully
gelected to be repreéentative of the scil as it exists in the field, then
items (a), (b), and (c) are given. To obtain the desired stress-strain
curve, it remains only to select a method of loading for the laboratory
test that will model the loading that will be followed at any given point
in-gitu. None of the available apparatus for laboratory shear testing can
model every aspect of fhe stress and strain that occurs during most field
loadings (such as earthquakes, lowering or raising of external water level,
cutting of a slope, embanking or other loading at top of slope, erosion at
toe of slope, wave forces, lowering of groundwater or seepage within slope
from reservoir or rainwater). The only condition that leads to failure and
that can be modeled reasonably well in the usual laboratory tests is the loss
of strength of the soil with time due to pore pressure increases at practi-
cally constant shear stress.

One must then, at this stage of development, consider all laboratory
stress-strain curves only as indicators of the stress-strain curves that will

develop in-gitu.
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Given ‘the assumption that the laboratory stress-strain curve is
at least a rational indicator of the in-situ stress-strain curve, the speci-
men non-uniformities that develop in most laboratory tests preclude correct
determination of the entire stress-strain curve, even for the boundary
conditions that are assumed to exist during the laboratory tests. Any
time that a stress-strain curve contains a peak, the zone of the specimen
that first reaches peak will account for the majority of post-peak defor-
mations. Thus the strain and the void ratio that correspond to the measured
shear stress are those in the failure zone, not the averages for the entire
specimen. For cases in which the stress-strain curve contains no peak,
a large zone failure will develop because the zone that first fails becomes
slightly stronger with strain. The major deformations then are shifted to
adjacent zones (Casagrande, 1938, P. 6). But, in the case of tests on
dilative specimens, in which the overall volume is held constant, if the
specimens are sheared slowly enough to permit internal flow of water, the
failure zone may increase in void ratio, get weaker, and account. for the
remaining deformations. In summary, the effects of non-uniformities depend
on the shape of the stress-strain curve, the state of the specimen, the con-
straint imposed on volume change and, if a constant-volume test, on the rate
of strain or lcading. In drained tests the measured shear strength is only
slightly affected, whergas the corresponding average strains and void ratios
are incorrect, and in constant-volume tegts the average wvalues Qf all three

parameters - the strength, strain, and void ratio - are affected.
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Tables 1 and 2 show the author's estimates of reliability of the
measured strengths for several apparatus for the extreme cases of highly
contractive and highly dilative specimens of bulky and plate-grained soils.
Several interesting points arise from these tables:
(1) The steady state strength of clays in the constant-volume
state probablf cannot be measured in currently available
apparatus (Table 2). Vanertests may be used to xeach the
steady state, but the stress conditions at that stage remain
unknown.
(2) The simple shear test is rated highly for a wide variety
of conditions.

(3) The steady state strength of clays in the drained case (the
residual strength) is best measured in rotation shear (Table 1).
The rotation shear test may be best for measuring steady state
resistance of sands, but this possibility remains to be inves-
tigated,

{4) The true triaxial test appears to offer no advantage over the

ordinary triaxial test (constant 53). However, it provides
the opportunity of using a wide variety of stress paths and
can therefore be used to model more realistically in-situ stress

paths for small strains.
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(5) The triaxial or plane strain tests are reasonable tests to
use (neglecting the fact that the corresponding stress
paths seldom model in-gitu stress paths) for determination
of peak strength,‘except that for highly contractive clays
it often is not possible to attain the large strains re-
quired to reach the peak.

The large variety of test errors not considered when formulating

Tables l.and 2 include: (1) errors in measurements of loads, volumes and
deformations, and (2} leakage of soil, water and air from the specimen
during tests. It is assumed that the effects of such errors are reduced to
tolerable values in each case, although the difficulty of doing sc varies

considerably from one test to the other.

8.3 Relation Between Failures in Laboratory Specimens and Failures
in the Field

The type of failure occurring in a 1ab6ratory specimen can be used to
infer the type of failure that will occur in the field, so long as the lab-
oratory stress path models the in-situ stress path reasonably well and the
specimen is representative.

When the laboratory specimen exhibits a "plastic”™ failure and no
failure plane forms for the range of strain applied in the laboratory, then
the stress-strain curve will show no peak for that range of strain.. In the
field, a very ﬁide failure zone would develop in a mass of such soil. Large
deformations would coccur in the mass and no distinct failﬁfe plane would be

observed. Such failures are not catastrophic because the deformations warn
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of impending failure. Also, field observations are useful for controlling
construction, and one is able to use relatively low factors of safety (high
working stress) in design because of the character of the failure. In such
cases the deformations usually control the design working stregs rather than
the strength. Obviously the selection of factor of safety (or working. stress)
is also a function of the consequences of fajilure and the reliability of the
test data.

When a laboratory specimen fails along a narrow zone, the stress-
strain curve usually shows a peak. Profotype failures in soils with this
shape of stress-strain curve are usually catastrophic. Examples include:

(a) failure of highly dilative clays in the drained condition, (b} failure

of highly contractive clays (normally consolidated, sensitive or guick

clays ) sheared at constant volume and (c) liquefaction of sands.* Such
failures are seldom preceded by adequate warning of failure, and even careful
observations do not normally provide the necessary warning.

Two approaches are cuwrently being investigated to provide predictions
of deformations. One is the use of finite element analysis together with
laboratory-measured stress-strain data, and the other is the ugse of model
testing e.g. in large centrifuges. Their simultaneous application should

lead in the future to substantially improved predictions of movements in-situ.

8.4 Relation between Pore Pressures before and after Failure In-Situ

For any case of constant-volume shear in which an abrupt failure surface

develops it is not correct to use pore pressures measured after failure to

* In this last case failure planes are not observed even though the stress-
strain curve is sharply peaked. The high pore pressures consequent to
liquefaction probably spread rapidly throughout the mass and cause a
substantial zone of failure. Perhaps high speed photographs of liquefaction
failures in the laboratory would show a failure plane for a brief period.
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compute strength parameters in terms of effective stress. After failure
éhe pofe pressures in the failure zone are quite different from the pore
pressures that existed in the failure zone when the maximum shear stress
was acting. Consider the case of Specimen 1 in Fig. 16. At failure
{(maximum deviator stress) the A-value is 0.9. At the steady state (Well
beyond failure) the A-value is 4.0 and the shear stress has been reduced
to one third of the maximum shear stress. Therefore, the shear stress in
unfailed zones adjacent to the failure zone is close to the pre-peak pore
pressure, corresponding to A.;70.3 in this example. Piezometers in the
failure zone after failure would give higher pore pressures than those that
caused failure, and piezometers adjacent to the failure zone would give
lower pore pressures than those that caused failure. Only by chance would
the correct pore pressures be measured after failure.

To obtain reasonable estimates of the applicable strength parameters
in terms of effective stress, pore pressure measurements must be made in

the failure zone at, or just before, failure.

8.5 8Selection of Shear Strength for Stability Analysis

The conventional method for computing the factor of safety against
failure in shear involves two distinct steps: (1) computation of the average

shear stress along an assumed failure surface and {2) determination of the

average shear strength that can be mobilized simultaneously aleng the entire

failure surface.* The ratio of this average shear strength to average shear

stress is the factor of safety.

* These two steps are artifically uncoupled, for convenience in analysis
of problems in which failure controls, by assuming: (1) a distribution
‘0f internal forces in the failure mass and (2) that the stress-strain
curve contains no peak.
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Stability analysis provides values of shear and normal stress at a
number of points along an assumed failure surface. Hence the average shear
stress is relatively easily obtained. But to obtain the shear strength
that can be mobilized at any point along that surface, one must prepare
the soil at the same state (void ratio, effective minor principal stress,
and shear stress) and at the same structure as in-situ, and must use the
same method of loading {(including degree of drainage - which is affected
by the degree of saturation, changes in total stresses, strain boundary
conditions, and rotation of principal stresses - if any) as will cause
failure in-situ.

From the measured stress-strain curves and stress paths one obtains
in general, four points that might be chosen to define the shear strength.
These are:

il Point at which maximum shear stress is reached.

e Point at which stress path is tangent to envelope of
stress paths.

p Point at which maximum principal stress ratio is reached.
Points e and p are always identical for straight-line strength
envelopes. For curved envelopes they differ slightly. For
the purposes of this discussion, this difference -if any - is
neglected.

s Point at which steady state is reached.

If the test conditions were a true model of those in-situ along the
entire failure surface, then Point m would always be used to define strength.
But it is not possible to model the degree of progressive failure that occurs

along the failure surface in-situ, and it is not even possible to model the
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stress path very accurately for a given point on the failure surface.¥

Due to these limitations Point m must not be used in all cases to
define strength. Recommendations are given}bé;?yjapa_%n”Tabies;S"aﬁajéf
for the point that should be used to define strength and for the factor
of safety that should be applied to this strength to account for the
effects of progressive failure in-situ. The actual.factor of safety to
be applied in any given case must be larger than those given in Tables
3 and 4 to account for errors, unknowns, and the seriousness of the failure,
if it were to cccur. The factors of safety that have been used in the past
were developed on the basis of experience with behavior of full-scale
embankments and foundations and include, implicitly, the effects of pro-
gressive failure. The discussion in this section is aimed at differentiating
between the effect of progressive failure and other factofs that reduce
the working stress.

Hard, bulky-grained scils are considered in Table 3 and platey-grained
soils are considered in Table 4. To cover the full range of possibilities,
each of these soil types is further divided into the highly contractive and
highly dilative cases for both drained and constant-volume shear. To obtain
recommgndations for intermediate soils, intermediate states, and intermediate
constrﬁints on volume change, one may interpolate between the appropriate cases

in this table.

* Avgherines and Schofield (1969) advocate the use of models tested in a
large centrifuge. In such a device one can model quite closely to the
in-situ conditions. Its use will eventually lead to a more rational
application of the results of conventional tests.
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(a) Soils Containing Chiefly Bulky Grains

For Case A in Table 3 there is noi ambiquity since Points m, e,
and s coicide. Complete collapse cannot occur until the full shear strength
is mobilized at every point along the failure surface. The absence of a
peak (drained sensitivity, Sd = 1) means that a broad zone of failure will
develop in the prototype rather than an abrupt failure plane. Thus large
deformations may occur prior to failure, depending on the geometry of the
probleﬁ and the strain at Point m, and may control the allowable average
stregs.* These deformations will warn of impending failure.

For Case B in Table 3 the shear stress at Point a, representing the
in-situ condition, is greater than the steady state strength. Therefore,
the in-situ condition is one of unstable equilibrium. If progressive failure
were no worse in-situ than in the laboratory specimen, one could raise the
average shear stress to Tm before causing a sudden collapse (which in this
case would be called liguefaction). But the shear stress at some point will
reach TS. Therefore, the collapse will occur when the average shear stress
lies between T and T Its value will decrease toward Ta"as ﬁhe;ﬁhdrained
sensitivity (Su = Tm/TS) increases, as the strain es at Point s decreases
relative to Em, and as the degree of progressive failure increases ( due to
stress concentrations caused by hard or soft spots, cracks, holes, sharp

corners in the geometry, etc.).

# The recommendations in this section apply only if shear failure controls,
not is tensile failure or deformations control.
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Computations by Bishop (1952) and by Janbu (1971) show that the
average shear stress along the most critical surface in a slope composed
of an elastic medium is about one-half of the maximum shear stress on that
surface. If the stress-sﬁrain curve for Case B were linear to Point m and
dropped to zero shear strength at all large: strains, aﬁd if no progressive
failure occurxed in the laboratory test, fhen one would have complete
collapse as soon as the average shear stress on the critical failure surface
reached about one-half of the peak value measured in the laboratory. At
that stage failure would occur locally and the local fesistance would drop
to zero. Complete failure would ensue shortly. But if the post~peak strenath
were gome positive value, such as Ts for Case B,_then:the average stress
required to cause failqre would be somewhat greater. This reasoning leads the
author to suggest that for Case B, the working stress that should be used
in stability analysis of a homogeneous slope in such a material is about
1/2 (Tm + Ts). But if Ta already has been applied (in the drained condition}
and it is higher than TS, then the higher working stress given by 1/2 (Tm +:Ta)
should be used in the analysis. Thus, to account for progressive failure in

Case B, the factor of safety should be at least:

T

F = -—————-———-—m for TS < Ta (l)
+ .
1/2 (Tm Ta)
Tm S
P — = u for T > T (2)
5 — a

1/2 (Tm + TS) - 1/2 (su + 1)
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This factor of safety must be increased further if the soil is not rather
homogeneous but contains discontinuities that accentuate progressive failure.
Furthermore, this factor of safety dcoes not account for other uncertainities
that may necessitate a still lower working stress.

The failure for Case ﬁ will be sudden and only small deformations
are likely to pﬁecede failure. Therefore one will have little, if any,
warning of failure even if field observations are made. To judge when a-
failure is about to occur in this case it would be necessary to predict the
movements that will precede failure and to compare them with measured
movements.

For Case C in Table 3 the stress-strain curve has a peak, and the
drained sensitivity seldom exceeds 2. Progressive failure would cause
the average shear strength along a failure surface to lie between Point m and
Point s. The strength may then be defined by Point m, as in the previous
case, énd modified by the factor of safety given by Egs. (1) énd (2) to
account for progresgsive failuré.

Rowe (1969) has made model tests which may be used to check the
above recommendation. His soil was a saﬁd with a drained sensitivity, Sd'
.of about 1.7, as measured in plane strain tests. Using Eq. (2}, but sub-
stituting Sd for Su} one obtains a recommended factor of safety of 1.26 to
account for progressive failure. Rowe's measurements showed that the peak
.strength from the plane strain tests was 1.2 to 1.4 t-mes greater than the
average shear strength developed in the model tests. Thus Egq. (2) gives a
reasonable estimate of the effects of progressive failure in Rowe's tests.

But the degree of progressive failure varies somewhat with the geometry of the
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problem and the stress level (Rowe, 1969). Additional tests of this type
are urgently needed.

For Case D, a highly dilative sand sheared at constant volume, the
Points m and s coincide and fall on a line that lies below the strength
envelope. To be conservative one would have to choose this lower line to
define the strength, But in a dilative specimen one cannot reach Point m
without passing Point e. Having reacdhed Pdint e, large strains will occur
unless negative induced pore pressures develop. Casagrande (1959) recommen-
ded that one should not rely on development of negative induced pore pressures
because gases may exist in the pore water in-situ and because internal
migration of pore water toward.the most critical zone may occur to greater
extent in-situ than in the laboratory. Both of these effects prevent the
strength shown at Point m from developing in a test or in-situ. The measured
strength is likely to be slightly greater than that given by Point e.
Therefore, for practical purposes it is best to use the strength envelope
passing though Point e and to assume no net change in pore pressure during
the constant volume shear (which is slightly more conservative than using the
drained strength) unless evidence is provided to prove that negative
induced pore pressures will develop in-situ. (During earthquakes?negative
induced pore pressures do develop.)

The stress paths for constant-volume tests on compacted specimens from
shallow dépths in the upstream slope of earth dams usualiy.have the shape shown
for Case D. Therefore, it is this case that is often involved when analyzing

stability against sudden drawdown. To obtain strengths for this case one must
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perform undrained tests using stress paths that model reasonably well the
stress paths that will occur in the dam.  If negative induced pore pressures
develop, it should be asgssumed that the pore pressure induced in-situ will
be =zero.

One of the test errors that occurs when measuring the stress-strain
curve for Case D is migration of water toward the failure zone from
adjacent zones in the specimen, just as occurs in-situ. This effect may
cause development of a peak in thé stress-strain curve, or at least a
reduction of the shear strength below that for an ideal test. If one chooses
to rely on negative induced pore pressures in-situ, then the effect of the
difference in the degree of pore water migration between thé‘laboratory

and f£field must be evaluated.

{b) Soils Containing Chiefly Platey Grains

The conclusions listed above for bulky-grained soils apply equally to
the case of platey-grained soils. The only significant differences between
the stress-strain curves for the two soil types arise from the larger strains
usually needed in platey-grained soils to reach a given position on the
stress-strain curve, and from the reduction of principal stress ratic that
occurs when grains orientate at very large strains. The latter effect causes
an increased sensitivity in all cases.

For Case E, Table 4, strains in the range of 10 to 60% are needed to
develop the peak. Very large movements will occur in-situ before any local-

ized failure zone develops. The allowable shear stress will be controlled by
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the allowable deformation, unless the geometry of the problem is such as to
force failure within a narrow zone. Point m should be used to define the
strength, but the working stress should be modified somewhat, depending on
the geometry, to account for progressive failure. In this case a factor
of safety given by Eg. £2) would bhe guite copsngatiyg_tqlaggggnt for pro-
gressive failure, but should be applied ifp;ogrgssivgmﬁailuré iéﬁééfére.

For Case F, the constant-volume failure of a contractive, platey-
grained seoil {(e.g., a normally consolidated clay) cne must use Point m to
define strength, just as for the corresponding case in bulky-grained soils.
It makes no sense to use Point e (= g) in this case because collapse occurs
before this point is reached. The extreme sensitivity of 100 or more
measured in some guick clays (Hoeg, Andersland and Rolfsen, 1969, Table 1)
necessitates a substantial factor of safety to account for progressive
failure. Under the best of conditions one should use é factor of safety
of 2 (as given by Eq. (2)). But because the extreme values of sensitivity
are obtained for soils that also have very low strain at peak, the factor
of safety must be lncreased above 2. Tests and field studies are needed to
provide information on the appropriate factor of safety for this case.

Case G, a drained test on a dilative specimen containing chiefly
platey grains, is the case considered by Skempton (1964). The peak may occur
at relatively small strains (15%), but extremely large strains are needed to
. develop the much lower steady state strength. Here the strength as defined
by Point e (=m} must be modified to account for progressive failure. Skempton

{1964, P. 81) pointed out that the average shear strength that is mobilized on
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the féilure plane in highly dilative clay drops continuously with time
toward the residual (steady) state sfrength due to progressive failure,

at least in clays or clay-shales that contain slickensides. For short
times these soils can sustain shear stresses considerably greater than the
steady state strength. The important variakles that have to be considered
when attempting to. account for progressive failure in such soils are:

(1) the detailed fabric of the soil. In particular, one must scrutinize
the material to determine wheﬁher it contains joints, fissures, or other
discontinuities. If so, are these surfaces slickensided? What is their
in€lination relative to the shear stresses in the mass and what is their
size and number? (2) The time available for progressive failure. (3) The
amount of movement that is needed to reach the steady state.

The nature and extent of discontinuities can be expected to affect
severely the rate of drop in strength toward the steady state value. If
there are none, then an average shear stress near the peak strength may
be mobilized for short times, even when the drained sensitivity is high
(Sd = 5 to 10}. This suggestion is different from that given for bulky-
grained soils (ie., Eq. (2)}, because the movements required to reach the
steady state are much larger for platey~grained soils than for bulky-grained
soils. Aithough local failure may occur when the average shear stress is
as given by Eg. (2), the post-peak rate of drop in shear stress with strain
is so small that a substantial proportion of the peak strength can be mobil~
ized. If no macroscopically visible points exist at which shear stresses
are highly concentrated, thén it seems reasonable to expect that considerable
time will be required before creep will lead to substantial orientation of

graing at the sites of highest shear stress,and hence to a continuation of
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the progressive failure. But the presence of visible discontinuities
will speed the process. Even when visible discontinuities do not exist,
discontinuities at the scale of the grainsg do exist and can be expected
to lead to progressive failure in time.

The authof refrains from making any quantitative recommendations
on the effect of these variables. Instead, the reader is referred to
Skempton (1964) for information on London c¢lay and for insight into the
type of data needed to make a proper judgment. At this time only guesses
can be made unless full-scale behavior has been analyzed. In the future,
centrifugal model testing may provide a less expensive but satisfactory
means for obtaining more data, although the time (creep) effects still
will remain unknown.

Case H, constant-volume shear of a highly dilative, platey-grained
soil, will be less Critical under similar loading conditions thah the
corresponding drained case, Case G. The discussion given for Case D in
Table 3 applies also for Case H. TFor Case H the stress-strain curve would
show a peak and drop-off due to grain orientation at large strains and this
peak would be accentuated by the development of a thin failure zone and = . -
migration of water toward this zone, both in the laborateory and in-situ.
Internal migration of water toward the failure zone in-situ would make this
case revert to Case G, and the éorresponding discussion would apply. The
constant-volume condition cannot be maintained over veryllong periods of
time in-situ, so that the problem of progressive failure with time is unlikely

to arise for this case.
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(c} Comments on the Use of Tables 3 and 4

To obtain recommended strength to6 be used in stability analysis,
one must first compute the stresses in-situ, then perform a test that
models the in-situ stress path on a specimen that is representative (in
tyvpe of soil, structure, and state). From this stress-strain curve, a
strength is selected based on Tables 3 and 4 and plotted as a function of
the stresses at Point a. In this manher a "working" strength line is
developed. The equation for this line may then be inserted in the stability
analysis.

Although the effects of the following factors are not discussed herein,
the reader should not neglect to consider their effects on the relation
between laboratory and field stress-strain curves:

(1) Disturbance of specimens

(2) Presence of gravel, shells, or other hard inclusions in
the specimensg

(3) Rate of loading
(4) Effects of repeated loading
(5) Degree of saturation (it should be the same in the laboratory

as in-situ, or a conservative value should be used)

(6) Orientation of specimen relative to applied stresses (if the
gpecimen is anisotropic)

(7) Temperature

Finally, it should be remembered that the recommendations given
in this section apply only when shear failure controls design, and do not apply
when the allowable deformations limit the allowable stress or when tensile

failure may occur.
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9. CONCLUDING REMARKS

The systematic view presented in this monograph on the stress-strain
curves of soils, and the discussion of major factors affecting their shape,
permit one to fit any individual stress-strain curve into a pattern that
is very useful for: (1) isolating gaps in knowledge about the stress-strain
charaéteristics of a given.séil, (2} for minimizing the number of tests
required to gain fairly complete insight into its behavior (by performing
only those tests needed to define the pattern of change on the state diagram
and by separating the important variables in a rational manner), (3} for
discovering test errors, and (4) for understanding the application of
stress-strain data to practical problems.

A review of stress-strain data that have been reported for drained
and constant-volume compression and direct (or simple} shear tests on sands
and clays has led the author to idealized relationships among stress-strain
curves, stress paths, state paths, and volume change or change in effective
minor principal stress. These relationships are illustrated in Fig. 5,7,15,
and 16. Typical examples of test data fhat lend support to the idealizations,
and from which the -idealizations were extracted, are given in Figs. 9-14
for the drained case and in Fiés. 17-24 for the constant-volume case.

The main concepts and test results that led to the generalizations in
this mqnograph are listed below so that areas of departure from previously
published work and potential areas of disagreement will be easily isolated.
(1) The steady state of deformation is that state in which a specimen

is deforming continuously and monotonically without change in shear
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(3}

(4}
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stress, effective normal stress, volume, and velocity of deformation.
The most important factors that control the shape of stress-strain
curves of soils are:
{(2) The Soil (particularly its mineralogy and grain shape)
(b) Structure (large and sﬁall scale, including cementation bonds,

if any, and orientation of structure relative to principal stress)
{¢} Initial State (void ratio, effective normal stress and shear stress)
{d) Method of Loading (stress path in principal stress space)

Other variables that have important effects in scome cases, but

are not discussed herein, are: rate of loading, mégnitude and

freguency of cyclic stressing, temperature, absolute value of

pore pressure, and test errors.
It is hypothesized that for any given soill there exists a unique steady
state line:

e =f (0)

where f(0) is affected by the velocity of deformation in the steady
state but is not affected by the initial structire of the soil, its
initial state, and the particular stress path used to reach a given
gteady state. The steady state cannot be reached unless particle
breakage and particle orientation, if any, have been carried to com-
pletion. If particle bhreakage occurs, the steady state line applies
only for the resulting goil. This steady state is identical to the
critical void ratio introduced by Casagrande (1936}, but is guite
different, in most cases, from the concept of critical state as used
by Schofield and Wroth (1968).

The stress-strain curves of normally consolidated (highly contractive)

clays contain a peak in both drained and constant-volume shear tests.
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(5) The stress-strain curves of very loose sands in constant-volume
shear also contain a peak, which contrasts with the "plastic"
stress'strain curve that is often reported. This case is directly
analogous to constant-volume shear of a sensitive clay. In sand
‘the failure is called liguefaction, and in clay it'is called a
flow slide or a shear failure.

{6) The major difference between the shapes of stress-strain curves of
clays and sands is the much larger strain:reéuired to ré&ch peak
stress and the steady state shear stress in clays, due to their
content of platey-shaped grains. (Time effects are also greater
in clays than in sands, but these are not discussed herein.)

The understanding gained from this empirical study of stress-strain
curves leads to many ldeas that are useful in practice, some of which are
described in Section 8. To help make this information useful to the reader,
it is recommended that one perform both drained and constant-volume triaxial
tests on specimens of at least one clay and one sand prepared in states on
both sides of the steady state line of Fig. 1, and compare the results with
the idealizations presented in this monograph.

The important factors that control the shape of the entire stress-
strain curve, from small to very large strains, have been clearly stated in
qualitative terms. It is hoped that the quantitative effects of each of these
factors will be measured in future research programs, so that ultimately one
will be able to understand the advantage and limitations of mathematical

models of particulate materials,
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A warning is given here concerning certain limitations in the

contents of this monograph:

(1)

(2}

(3)

The idealized shapes of stress—strain curves apply only

for uncemented soils. The effects of cementation are
important in practice, but are not covered.

Attention was concentrated on highly dilative and highly
contractive specimens and those prepared at states near

the steady state line. The shapes of stress~strain curves
vary between those shown for these limits. But the case

of extremely dilative specimeng (e.g., randomly jointed
rocks) is not covered.

Practically no mention has been made of degree of saturation.
It is assumed to act through its effect on the stress path
that develops when the total stress changes, boundary dis-
placements, and permissible volume changes during shear have
been sleected. This assumption means that if effective stress
is properly defined in a partially saturated soil, the soil's
behavior in terms of effective stress will be independent

of degree of saturation. The assumption is reascnable for
high degrees of saturation (perhaps >80%), but the behavior
can be expected to change when one moves to lower degrees of

saturation.
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No information is given on the detailed effects of the
alternative methods of loading that are available, such és
axial compression, lateral extension, axial extension,
rotation shear, and torsion shear. Rather, it is expected
that the type of test will be:selected in any given case

to model the in-situ stresgses and strains reasonably well.



AUTHOR'S NOTE

The information presented in this monograph is the direct
outgrowth of the doctoral research carried out at Harvard University
by Castro (1969) and by LaGatta (1970} on liquefaction and residual
strength, respectively. These toplcs, both suggested by Professor
A. Casagrande, at the time seemed quite unrelated. However, the
research showed that both phenomena could be viewed as steady state
deformations that are achieved in different ways. The information in
this monograph was drafted and presented in essentially its present
form during lectures on shear strength at Harvard University in the
spring of 1968 and 1969. The paper was finalized while the author
was on sabbatical leave at the University of Manchester from January

through June, 1970.

The research of Drs. Castro and LaGatta, as well as part of the
salary of the author during that time, was funded through grants to
Professor Arthur Casagrande from the Waterways Experiment Station of

the U. 8. Army Corps of Engineers.
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LIST OF NOTATIONS

Skempton's pore pressure coefficient defined by the equation:
=B { + - by
Au =B ,A03 A (Acl AO'3)

Subscript to dencte stage of a test when a specimen is anisotropically
consolidated, just before start of shear at constant water content

Subscript to denote stage of a shear test when a specimen is
isotropically consolidated

Centimeter

Coefficient of uniformity

Size for which 10% by weight of grains in a specimen are smaller
Void Ratio

Minimum void ratio of a specimen

Maximum vold ratic of a specimen

Degree of saturation

Height or thickness of specimen

Subscript to denote stage of a test when the specimen is in its
initial, as-molded, or as-compacted condition

Inside Diameter
Inch
Ligquid limit

Subscript to denote stage of a shear test when the shear stress on
the specimen is maximum

Meter
Porosity

Subscript used interchangeably with "i"
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Outside Diameter

Subscript to denote stage of a shear test when the effective
principal stress ratio is a maximum

Plasticity Index

Plastic Limit

Relative density

Subscript used to denote staée of a shear test when the steady

state has been reached. Sometimes used for the last point on

the stress-strain curve if steady state has not been reached.
Drained sensitivity ( = Tm/ TS for drained shear)

Undrained. sensitivity ( = Tm/ TS for shear at constant water content)

Specific gravity of solids

Pore pressure

Volume
Volumetric Strain (=é¥9

Watexr Content

Natural Water Content

Optimum water content from compaction test
Shear strain (= 6/H)

Dry unit weight

Axial strain (= AH/H = 6/H)

Slope of a line through the origin and any given p01nt on the
stress path plotted in terms of T vs. O

45 45°
Micron (10_6 meter) = micrometer

Total normal stress

Effective normal stress

Effective major principal stress

Effective minor principal stress

(=(51 + 55)/2) Effectlve ‘normal stress on plane inclined at

45° to the principal planes,
Effective normal stress on horizontal plane

Effective principal stress ratio
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Shear Stress

- 03)/2 = (O‘l - d3j/2 = T

1 max Shear stresgs on plane

inclined at 45° to the pPrincipal planes. This plane sustains
the maximum shear stress in the specimen.

Shear stress on horizontal plane

Slope of line passing through origin and tangent to the Mohr
circle (plotted in terms of effective stress) for a selected
stage of a shear test. For example, g = slope for Mohr circle
at stage when the shear stress has reathed its maximum value
during a particular test.
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TABLE 1 RELATIVE ACCURACY OF PEAIl AIID STEADY STATE STREIGTHS MEASURED

WITH VARIOUS APPARATUS -~ DRAINED TISTS

Limitations of Table (1) Relative accuracv given for uncemented, hichly dilative or highly contractive specimens

tested with increasing O4.

sider tests with decreasina o;.
ary conditions durinc loading.
These two needs are often incompatible.

in-situ method of loading.
special care to reduce effects of boundarv friction has been assumed for triaxizl and rlane strain tests.

For intermediate states, relative accuracy 1is intermediate.

Mo attempt made to con-—

2) Strenaths rneasured in each annaratus differ due to differences among bound-
Correct anparatus is the one that gives best accuracy and models reasonably the
(3) Use of lubrication on boundaries or

T T
A 7 .
l I % CHIEFLY BULKY GRAINS CHIEFLY PLATEY GRATNS
g | =g ] , -
|g | g a HIGILY CONTRACTIVE EIGHLY DILAYVIVE HIGHLY COMNTRACTIVE HIGHLY DILATIVE
m T H
TYPE E oP I ] ﬁ
OF IE .~ 5 o
U =1 w ks
onnros |2 By a8 i
APPARATUS % E' a E
|z m] HoH €
| E 1 5 % STEADY STEADY (b) STEADY (b) STEADY (b)
g = PEAK i PEAK PEAK PEAX o
s ) STATE STATE STATE 5 sTATE
1 T
Triaxial |~30 1 2 1 2 4-5 5 1 3¢) -5
Direct Sheax ploos 4 2 2 3 4 2-5 2 28) .5
Simple Shear ~100l 2 1 1 1 1 2-5 1 2 -5
Plane Strain |20 | 2 2 2 1 2 4-5 5 1 3)-5
Rotation Shear | e I 3 9 i? 2? 17 2 1 2 L
True Triaxial ©) [~15 = 2? i 22 22 22 4-5 5 12 3 -5
Hollow Cylinder | ? | 2 2 ? ? ? ? 5 ? 5
{(Torsion) I |
[ 1
Scale of Relative a) Relative accuracy controlled by achievable strain and uniformity of specimen at each
Accuracy stacge, in addition to parameters in table headings. Specimens are less uniform at
1l BRBest steady state than at peak, except when bhoth are same.
2 Good b} Failure develops in narrow zone, or zones, in which voild ratio is quite different Ifrom
3 Fair average value. Strains and void ratio in failure zone therefore generally unknown.
4 Poor ¢} Chear on nre-formed failure surface will vield a good value.
5 Twmpractical or d) Repeated reversal of shear Jirection will provide a reasonable value of steadv state
Imnossible strength.
e) .

Independent control of ¢,, 0, and 03



TARLE 2 RELATIVE ACCURACY OF PEAK AND STEADY STATE STRENGTHS MEASURED
WITH VARIOUS APPARATUS IN CONSTANT-VOLUME TESTS '

“fimitations: (1) Relative accuracies are given for uncemented, highly dilative or highly caontractive specimens
tested by increasing C,. For intermediate states, relative accuracy is intermediate. No attempt made to con-
sider tests with decreasing 7.,. (2) Strengths measured in each apparatus differ due to differences among bound-
ary conditions during loading. Correct apparatus to use is the one that gives best accuracy and models reasonably
the in-situ method of loading. These needs often incompatible. (3)  Use of lubrication on boundaries {or special
care to reduce effects of boundary friction) assumed for triaxial and for plane strain tests.

i . .
i s |§ CHIEFLY BULKY GRAINS ’ : CHIEFLY PLATEY GRAINS
= e~ .
s | ,
TYPE | 5 8 x| HIGHLY CONTRACTIVE HIGHLY DILATIVE | HIGHLY CONTRACTIVE | HIGHLY DILATIVE
E o .
| & |55 : e > 10%
=5 'y g = 1-10% "
o 2 B e "
APPARATUS | g fuaf o - .
E |lmm
ERE .
< |g 2 E Te
12155 5 2
S STEADY STEADY STEADY STEADY: »/
P P
| IE PEAK STATE EAK STATE PERK STATE BAK STATE
Triaxial os0) 1 1 22 2 2-4 5 1 5
Direct Shear 11004 4 3 ? 2 4 5 2 5
Simple Shear ~lOG| 2 1 2 1 1 5 1 5
Plane Strain | ~20 | 2 1 3 E 2 2 5 1 5
Rotation Shear | o 3 {2) (13 oy {2) (2) {5) S (2) {5)
True Triaxial ¢! 115 I 27 12 2? o 3 2 5 2 g
Hollow Cvlinder l ? | ? ? ? ? ? 5 ? 5
{Torsion) | |

Scale of Relative ( } Apparatus not available., Estimate included to indicate possible usefulness.

_Accuracy a} Relative accurxacy controlled by achievable strain and uniformity of specimen at each stage
1 Best of test, in addition to parameters in table headings. Specimens are less uniform at steady
2 Good state than at peak except when both are same.
3 Fair b) Failure develops along a single plane. Volume of failure zone changes even though overall
4 Poor volume is held constant. Hence measured strength lies between that for drained and constant~
5 Impractical or volume tests, Feak is slightly affecred; steady state strength is strongly affected.
Impossible c) Independent contrcl of Gl, 02, 53.



TABLE 3 SELECTION OF STRENGTH FOR STABILITY ANALYSIS
HARDP, BULKY~GRAINED SOTLS '

&
REPRESENTATIVE STRESS-STRAIN E fa) FACTOR OF TYPE OF
ﬁ 2|58 CURVE AND STRESS PATH |2 B | SaFETY FOR | FATLURE . oTES
5| 88 (Specimens anisotropically |H & |PROGRESSIVE NOT B
@ consolidated to Point a) E ﬁ FATLURE
Large deformations may precede failure and may
T m=e=g T m= e=s s .
% ‘ : m . : control factor of safety. Undrained case is more
E . 1 Gradual critical (for same method of loading). If loading
g E i e is transformed to undrained, liquefaction occurs.
E (=] a a s
: : 6
E T >Ts
8- g T} . T T, Small strains precede abrupt failure (liquefaction)l
= TI;Fﬁlﬁrﬂf-F_ Extreme care necessary if “in=situ shear stresses
=4 m _ m o Tié Tm Sa; Abrupt exceed steady state strength., For T3> Tg, the
al 72 s=e ol y 2 a” s, soil is in unstable equilibrium. ILarger values of
Z = s°e —3 ' ‘ Cm factor of safety needed if conditions in situ are
0 g %{Tm + Te) non-homogeneocus.
- m=e - m=e Failure is abrupt but seldom is a dilative sand
a - loaded sufficiently to cause failure. Rowe (1967)
E s m ‘ m Abrupt has made model tests that show effects of progres-
= s ‘ Bt + 1) P sive failure. ' :
a a e : m s
E &
H £ g
E . . T Pore water migration toward zones nearest failure
o g nw=s },/’ ‘ : ’ ‘and presence of gas in pore water prevent negative
g Z : pore pressSures from developing in-situ and should
ol g m=s e 1 Gradual . . . .o
> P not be relied upon. Drained case is lower limit.
8 € o

B W
« oo

MAJOR
i ASSUMPTTONS

Soil tested and its structure are representative of soil at modelled point in-situ,

Initial state and method of loading are both satisfactory representations of in-situ conditions.

Fallure in shear controls, rather than deformations or tensile cracking. _ . . )
Stress-strain curves of all soils along assumed failure surface have similar strains at peak and sensitivity, i.e.

similar shape.,



TABLE 4 SELECTTON OF STRENGTH FOR STARILITY ANALYSIS
PLATEY-GRAINED SOILS

MAJOR
ASSUMPTIONS

i.e., gimilar shape.

et T
REPRESENTATIVE STRESS~STRAIN E Q'FACTOR‘OF . TYPE- OF
al B e CURVE AND STRESS PATH 2 B [SAFETY FOR | .. 0 NOTES
14 £ Bt (Specimens anisotropically A K [PROGRESSIVE: [~
U} W |HH|consolidated to Point a) 5 B | FAILURE
‘ Very large deformations precede failure. They
alt T 1 Gradual are very likely to control factor of saféty. The
A = m=e m=e ™ | (higher if ¥ undrained case is more critical {assuming all
E E 7 - e | clay lies [Abrupt other aspects of method of loading are identical).
1818 b S in a thin Abrupt failure plane forms only after very large
5 a s a _ séam) . strains.
| % - = am) -
E 1.1 if € . ] .
= | g - - is > 2O%m Large deformations precede failure unless cementa-
S 3 Same as Abrupt tion, as exists in some undisturbed clays, results
g m m n |case B if in quite low failure strain. Typical of normally
ia . _ e <10% consolidated clays. (Quick clay behavior is more
z2 a hi?e - a m closely related to that of loose sands, so Case B
Q =8 is applicable.) If T,> T,, the soil is in unstable
&}
E g equilibrium. The larger %hat Em 18, the more likely
L that deformations control working stress.
T _ T Usually large strains precede abrupt failure. Facto
a e m e 1 of safety on peak strength varies with time and wit
é & ‘ o to Abrupt nature of existing discontinuities and with drained
& - e T /T sensitivity. See Skempton (1964) and Skempton &
glA a m s Hutchinson (1969). Continuous creep toward failure
| E € 5 if 1> Tge o ‘
| : Pore water migration toward zone of highest shear
S For long . .
fa] % T term, as- Gradual stress causes strength to be close to drained Case
g e In e |sume drain- 4 G even though entire mass remainsat constant velume
H =S b ed. For Abrupt Large strains needed to define steady state
@ s ﬁggr§=§erm, strengths. For very rapid loading, Point m strength
2 2 with T, could be'realiZable;for.short pefiod.
O £ o o
‘1. Soil tested and its structure are representatlve of soil at modelled point in-situ.
2, Initial state and method of loading are both satisfactory representations of in-situ conditions.
3. Failure in shear.. controls, rather than deformations or tensile cracking.
4., Stress—strain curves of soils along assumed failure surface have similar strains at peak and similar sensitivity,
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(Void ratio during steady state deformation -
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Fig. 1 - The State Diagram for Soils
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Shear stress, T

Maximum shear stress (shear strength)
Strain at peak varies from less than
/// 1% to more than 40%.

Steady state of deformation reached at 's'
Strain at 's' may vary from a few percent to
the extremely large values associated with
displacements of 3 to 50 cm.

End of consolidation ({start of 16ading)

c . .
Axial or shear strain, € oxr Y

Y

i

Zone A —_—— Zone C

Zone A Shape strongly affected by soil type, initial structure, initial

state, and method of loading. Initial structure (including bonds,
if any) and state have more influence here than in any other zone.

Zone B Initial structure and state increasingly altered by strains until

steady state of deformation is reached. Magnitude of drop from
Ty to Ty is controlled chiefly by initial state, degree of void
ratioc change that is allowed, and grain shape. Initial structure
and method of loading also influence magnitude of Tm/TS.

Zone C At strains beyond Point 's' crushing has stopped and the grains

have reached a steady state "structure." The initial structure
and state have been completely altered by the loading process and
have no influence on TS. Nevertheless the initial conditions do
influence Es

Fig. 4 Development of a Stress—-Strain Curve

Fig. 4
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Consolidated-Drained Triaxial Compression Tests
Idealized For Uncemented Soils With Bulky Grains
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Fig. 6 Strength Envelopes for Specimens Prepared

at Constant Void Ratio, e, Consolidated-
Prained Triaxial Compression Tests.
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Void ratio, e

Notes:

l. ILines (a), (b), (d) and (e} were first

A presented by Casagrande (1941).

2. For bulky-grained soils Lines (b) and
{¢) coincide. The difference between
them for clays is due to orientation
of grains at large strains.

{a) Virgin compression

{(b) Line of peaks from virgin compressicn

(d)} Swelling e .

f; ~

curve (e) “Line of ;;gigﬂ“ﬁﬂﬁ‘\“

from swelling curve = j::f;é:lﬁ-_.
(c) STEADY STATE

Effective minor principal stress, 03

Fig. 8 Postulated Location of Steady State Line
Relative to Compression and Swelling
Curves for Clays

Fig, 8
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STRESS-STRAIN STRESS PATH
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T4/

VOLUME CHANGE STATE

.E;ﬁmﬂam;ﬁ&mb@l
.C\ c o compressions

\\xﬁi\\k“ ) 4 \jb\
N IR —— = =
o g
~ S 3] 8N
B — = [ = ) - - . .|- S Y S—— \
m.Rdmx 32.5%‘ | o
m - T m
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= % ol e Y o
1 39307 Y45/%3c
S0il Tested: Fine guartz sand; bulky, subrounded to subangular grains; D). = 0.097 mm; C ., = 1.8; 5 = 2,65;
10 i s
e = 0.84; e . = 0,50,
_max min 5
Test Conditions: © = 1.0 kg/cmz,- eo = 0.783; R - = 17%; u_ = 4.0 kg/cm”; strain rate 1%/min; lubricated ends;
179 in. dia. by 3.5 in. high; compacted in bulked state (w~5%); fully saturated.
Sources Replotted from Castro (1969), Fig. 66, p. 79.

Fig. 9 Highly Contractive Sand = Consolidated-Drained Triaxial Compression
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Soil Tested: Fine, uniform Sacramento River sand; bulky, angular to subrounded grains; quartz and feld-
spar; D = 0,17 mm; £ = 1l.3; e = 1.03: e . = 0.,6l;y 8 = 2,68,
‘o = z lg u_ max min . § . . \
Test Conditions: o = 4.5 kg/sq cm; e, = Cv.867;Rd = 39%; 1.4 In. dia. by 3.4 in. high; strain rate equals

0.?8%/min; no back pressure or enﬁ lubrication.
Replotted from Lee and Seed (1967), Fig. 4. Original data furﬁished by Lee (1970).

Fig. 10 Slightly Dilative Sand Consolidated-Drained Triaxial Compression
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Fig, 11 Highly Dilative Sand
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Triaxial Compression

in. dia. by 3.5 in. hlgh, 1ub¥icated ends, compacted in bulked state (w ~5%),.
Replotted from Castro (1969); Fig. 66, p. 79.
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Soil Tested: Pepper Shale; air dried and remolded at W, = 61%; Lw = 71, P, = 49; 73% minus 2}; Sy = 2.76.
Test Conditions:'c = 4.0 kg/cm2; W, = 30.5% (e_ = 0.84); displacement rate 0.0056 cm/min on periphery (one

ro%ation,in 2.8 days); annular gisc, ID = 5,12 em, OD = 7.11 cm; H_ = 0,135 cm; G = 100%:
. . a w

essentially normally consolidated

Replotted from LaGatta (1970), Fig. 7-4.

Fig. 12 Highly Contractive Clay Consolidated-Drained Rotation Shear
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Soil Tested: Manglerud quick silty clay; w a ~46%, L ~25; Pi ~5; undrained sensitivity 40-~150; depth 6.30 m
(in-situ vert1ca1 0 = 0.60 kg?cm y; ~48% <2u; S ~2.78.
Test Conditions: Gha = 0.58 kg/cm W, ~43% (ea ~1.19); Ha = 1. Ol cm; 8 om diameter; average rate of shear strain
to 'm' 0.024 %/min; undisturbed.
Source: Replotted from Bjerrum and Landva (1966}, Fig. 12, Test 12, p. 15. Additiocnal details from

Landva (1962), Table 2, Test K-12.

Fig. 13 Very Highly Contractive Clay Consolidated-Drained -Direct Shear
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Soil Tested: Pepper shale; air dried and remolded at w, = 62%; Lw = 71, P, = 49; 73% minus 2W; s, = 2,76.
= 1,0 kg/cmz; maximum past pressure = 100 kg/cm 2, w_ = §4.7% {e_~0.68); displacement rate

Test Conditions: O a
o? periphery = 0.0056 cm/min (one rotation in 2.8 days); annular disc, ID = 5.11 cm, OD = 7.11 cm,

H, = 0.109 cm.

Source: Replotted from LaGatta (1970), Fig. 7-16.

Fig. 14 Highly Dilative Clay Consolidated-Drained Rotation Shear
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.- - _ 2 _ L .
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Triaxial Compression
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18 Sand Near Steady State Void Ratio Consolidated-Constant-Volume Triaxial Compression
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Fig. 20 Very Highly Contractive Clay Consolidated Constant Volume Simple Shear
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Fig. 21

Highly Contractive Clay
Cansolidated~Constant-Volume
Triaxial Compression
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Replotted from Webb (1966); Vol. II; Fig. G27
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Highly Contractive Clay
Consolidated—~Constant-Volume
Triaxial Compression-
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FIGURE CAPTIONS

FPig. 1 - The State Diagram for Soils

Fig. 2 Scamning~ Electron Microphotographs Viewed Normal to Surface
of Natural Slickenside in Bearpaw Clay-Shale

Fig. 3 The Stress Path
Fig. 4 Pevelopment of a Stress~Strain Curve
Fig. 5 Consolidated-Drained triaxial Compression Tests: Idealized fox

Uncemented Soils with Bulky Grains

Fig. 6 Strength Envelopes for Specimens Prepared at Constant Void
Ratio, ec. Consolidated-Drained Triaxial Compression Tests

Fig. 7 Consolidated-Drained Triaxial Compression Tests on Soil Con-
taining Substantial Proportion of Flat Grains. Low Stress
Levels. Idealized.

Fig. 8 Postulated Location of Steady State'.line Relative to Com-
' pression and Swelling Curves for Clays.

Fig. ¢© Highly Contractive Sand. Consolidated-Drained. Triaxial
Compression

Fig. 10 Slightly Dilative Sand. Consolidated-brained. Triaxial
Compression

Fig. 11 Highly DilativeSand. Consolidated-Drained. Rotation Shear.

Fig. 12 Highly Contractive Clay. Consolidated-Drained. Rotation Shear.

Fig. 13 Very Highly Contractive Clay. Consolidated~Drained. Rotation
Shear '

' Pig. 14 Highly Dilative Clay. Consolidated~Drained. Rotation Shear.
Fig. 15 Consolidated-Constant-Volume Triaxial Compression Tests. Soil

with Bulky-Grains.

Fig. 16 Consolidated-Constant-Volume Triaxial Compression Tests on

Soil Containing Substantial Proportion of Platey Grains.
Idealized.

Fig. 17 Highly Contractive Sand. Consolidated-~Constant-Volume. Triaxial
Compression.

Fig. 18 Sand Near Steady State Void Ratio. Consolidated-Constant-Volume.

Triaxial Compression.
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FIGURE CAPTIONS (continued)

Highly Dilative Sand. Consolidated Constant-~Volume.
Triaxial Compression.

Very Highly Contractive Clay. Consolidated-Constant-
Volume. Simple Shear. ‘

Highly Contractive Clay. Consolidated-Constant-volume.
Triaxial Compression,

Highly Contractive Clay. Consoclidated-Constant-Volume.
Triaxial Compression.

Dilative Clay. Consolidated-Constant-Volume. Triaxial
Compression.

Highly Dilative Clay. Consolidated-Constant-Volume.
Triaxial Compression.
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